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By Geerhard | Haaijer 


structural ‘members are analyzed to | ‘determine how 
higher strength steels can be used to their greatest advantage. The influence 
of the yield stress, , modulus of elasticity, and price on the optimum propor- ~~ 

tioning of structural members is investigated. By applying the results of the 
analyses to specific commercially available steels, it is demonstrated that 
_ through optimum design, _ the application of higher strength steels can Iccaaal to 
_ significant material-cost savings for lighter weight structures ee 


INTRODUCTION 


‘been in progress ev ever since the early days of steel construction. Asa a result, : 
a large family of such steels is presently (1961) available to structural de- _ 
“signers. The steels vary in yield stress (stress at the yield point or 0.2% 
an offset | yield strength) from 33,000 psi for structural carbon steel to 100, 000 
psi for heat-treated constructional alloy steel. In contrast with many of the 
ee higher — strength steels that have been availabie in the past, the modern 
"higher strength steels show favorable price- to-strength ratios than 
_ structural carbon steel. That is, when the modern higher strength steels are 
~ compared with carbon steel in price and in yield stress, the higher strength | 
steels show a relative increase in price thatis less than the relative increase — 
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yield stress. result, the application o of higher strength s steels to struc- 


_ tures in which the higher st strength can be utilized often results in significant — 


an earlier paper2 it was shownthat the application of the strength 
_ steels to structural members of the type usedin automotive and mobile equip-_ 
- ment would, in many instances, result in material-cost savings in addition to 
- the weight savings, _ The weight and material-cost comparisons are extended 
in the present paper to structural members of the type used in bridges and = 


In the present work, different structural members, such as tension 1 mem=_— 7 
+ bers, hot-rolled beams, and built-up we welded girders, are first analyzed to 
_ determine the effect of yield stress, modulus of elasticity, and price on the 
optimum proportioning of these members.: The results of the analyses are 
then applied to several commercially available steels soas to obtain realistic 
ez. cost comparison for the different structural members. Special at-| 
tention is given to the economies of so-called hybrid steel beams—a term used 


below: to. refer to beams consisting of higher strength steel flanges 


STRUCTURAL STEELS 
Before analyses of the various structural members, 
mechanical properties and typical prices of several commercially available 7 


a structural steels will be reviewed so as to provide sufficient information for 


_ realistic material-cost comparisons of structural members made from differ- | 


_ The structural steels that are widely used at present can be divided into 


Structural carbon steels. 
Constructional alloy steels. 


pertinent mechanical properties and typical prices of steels that 


representative of these three categories are shown in Table 1. 
‘The structural carbon steels are represented by ASTM-A7 and ASTM- A36 


steel. AT steel will be used as the basis for the weight and cost comparisons. 
new steel is included because this steel is expected to 


a 


A440 high-strength steel is a manganese-copper steel used 


_ riveted and bolted construction, _ASTM- A441 high-strength low-alloy s steel 

= is 3a Manganese - copper- -vanadium steel intended for applications requiring cold 
‘forming, welding, and improved toughness properties. The resistance to at- — 
mospheric corrosion of A440 and A441 steel is twice that of structural - 
bon steel. USS COR-TEN 1 high-strength low-alloy steelis a chromium- ~copper- 


— “Higher Strength Steels Mean Reduced Weight With Economy,” by G. Haaijer, pre- 
sented at the March 15, 1961.SAE Natl. Automobile Week, Reprint No. 327B, Soc. of 
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gilicon-phosphorus steel intended for applications involving cold forming and 
_ welding (for thicknesses of 1/2 in. and less) in which improved atmospheric 
lan _ corrosion resistance and increased paint life are important. Its resistance © 
to atmospheric corrosion is 4 to 6 times that of structural carbon steel. ee 7 

_ USS “T-1” and “T-1” Type A constructional alloy steels are heat-treated “ a 


| Rtetace fo tempered) alloy steels suitable for welded structures. The 


resistance to atmospheric corrosion of “T-1” steel is 4 times that of struc- ‘ 
tural carbon steel, and the— resistance of “ T-1” Type A is twice that of 
_ structural carbon steel. Both steels can be furnished specially hardened a 
21 min Bhn) for maximum resistance to impact abrasion. “T-1” steel can 
i, also be furnished to 360 min Bhn in thicknesses not exceeding 1- 1/2 in, 
“be STRUCTURAL ANALYSES 
in the present paper can best be illustrated with the simple example ofa <a 
* de member. For structural purposes the strength of a tension member is 


equal» to the maximum load that the member can sustain without undergoing 7 
pogo ged or deformation. Thus, the useful strength of a tension ee 


rs 4 ti is the yield stress (stress at the yield point or 0. 2% offset yield pret a i 
allowable design load is of course only a fraction of the load given by 
7 Eq. 1 and is commonly determined by replacing the yield stress f by an allow- _ 
able stress. That is, the allowable stress is equal to the yield stress divided _ 
by the factor of safety. However, Eq. lis satisfactory for the present purpose x 
_- of comparing two tension members made from different materials and will _ 
"suffice to identify members that have the same strength. 
If the cross section and material properties of two members are 
' identified by the subscripts a a and db, respectively, the condition of equal 
strength | can be expressed 


; The ratio of ‘the ont two made ‘different steels 
identical with the area ratio givenby Eq.3. = | 
elongation of atension member may be important because it contributes 

to the deflections of the structure of which the member is a component; in — 
some instances maximum deflection replaces strength as the design criterion. | 


The elongation of of a tension member is given b by the ee equation: | 
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_ modulus of elasticity; and p and A are as previously defined. The ‘elie 
elongation of two members of equal strength P and equal length L - can, — 7 
‘re, be expressed as follows: 


Substitution of E Eq. 3 in Eq. 5; gives the for the relative elon- 


; 


000,000 psi) and, therefore, Ep/Eg = 
for, ‘the deflections of beams and girders will ‘be used in the form given so as” 
to limit the applicability of the results of the analyses. 
_ Beams and Girders.—The analysis of beams and girders proceeds in the 
way as that outlined previously for tensionmembers. The elastic bending 
~ = is given 7 oP the —— of the section modulus and the yield stress. 


in which Me denotes elastic bending geeagie S is the section modulus; a and 
f is the yield stress From the ci condition of equal bending strength 


it follows that tl the he required section = are related as follows: 


— 


The deflection of a beam is inversely prop proportional to the product of 
_ modulus of elasticity of the material andthe moment of inertia, I, of the cross - 
_ Section. The relation between the deflections, d, and dp, of two beams ‘made 7 


from different materials « can, therefore, be “expressed as follows: 


9 shows that a higher smaller section modulus, and 
this usually means less weight and a smaller moment of inertia. For equal — 
_ modulus of elasticity, a smaller moment of inertia results in greater deflec- | 


“tions asshownby Eq. 
In all the analyses that follow , the optimum relationship between section 
_ modulus and cross-sectional area will be determined for different types of 
_ beams so as to determine the minimum material cost. (Cost of the material to : 
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the Although the following analysis concerns I- shaped members, ‘it: 
_ can be readily extended to other members, such a: as box girders. Lae ae 
_ For the present purposes, it is sufficient to consider the schematic cross | 4 
section shown in Fig. 1 in which the areas of the flanges are concentrated ke _ 
along their center. The section modulus is then given a 


ay 
n which tis s the thickness of web; represents: the depth ‘of web (distance 
. Noting that 


eS, 
(12) 
1 trom Eq, 1 


n value | of a the depth that is for area is found 


ating to zero the derivative of A with seen to c. Hence, -~CttS—SS 


and, 


a. 
— 
— following expression for the 
a give 4 
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For example, the poor Toy process “imposes a maximum value of 55 on n the 
lightest weight hot-rolled shapes and even smaller values on heavier shapes. 
Also, the web -depth-to- thickness ratio for welded built-up shapes is often 


limited by buckling. These examples will be examined subsequently. 
“e __ Rolled Beams with Equal Web Depth-to- Thickness Ratios.— The comparison 


but | with equal web -depth- to-thickness ratios, can be obtained by substituting 


Eq 17 in 9. The minimum areas are related as follows: 


By “substituting | the value of the moment of inertia | given 1 by Eq. 18 i in Eq. 10, 
it is found that the ratio o of the deflections is as follows: ae nie a _ 


Built- -up Girders with Web. Depth-to- Thickness Ratio Limited d by Buckling. 

ls considerations. Buckling may be caused by shear | stresses, by « compre - 


sts 
> | these equations, it can be shown that the moment of inertia of the ! tt 
; = The web depth-to-thickness ratio, a, has a major influence on the required [im | 
minimum area, Eq. 14 shows that the area decreases as a increases. 
&g 
pths of thetwo 


is given by the following equation: 


in is the buckling | stress; v denotes Poisson’ s Ss and k is the 

"plate buckling coefficient. The plate buckling coefficient, k, “depends on the 
stress and boundary conditions of the plate element. For example, k equals 
s 9 for webs subjected to pure bending. In the plastic range the behavior of © 


the ‘present ‘paper is concerned with po behavior only, Eq. 22 


be: found from Eq. 17 with the following result" 


ill suffice for the comparative analysis, 
Eg. 22 shows the > important ene | the modulus of of elasticity; that is, the” 


the modulus of elasticity affects the economy of girders. ae ty 
i Obviously, the higher strength steels will show their full potential advantage ; 
only if the buckling stress given by Eq. 22 is increased in the same proportion | 
as the yield stress. When this is done, Eq. 22 shows that the maximum values 
- of a for two different materials are related as follows: 


2- (23 b 


The minimum areas for girders of equal strength can ‘then 


Eq. Eq. 16 ‘shows that that the optimum Sintec of the two beams are » related as follows: _ 


en 3 « “Buckling Strength o of Metal Structures,” ‘is by ‘Friedrich Bleich, McGraw- Hill Book | 


4 “Inelastic Buckling in Steel, "by G. Haaijer nd B. Thurlimann, Transactions, ASCE, 
Vol. 125, Part I, 1960, p. 308, = 


= 
that the relative deflee- § 
<> 
26) 


STRUCTURAL MEMBERS 

All the preceding analyses concerned -menuibers of ‘equal strength 
but made from different materials. Thus far it has been assumed that the | 
weight reduction obtained with higher strength has no effect on the applied 
loads. The resulting comparisons are therefore valid for short- -span structures 
_ which the dead weight is small compared with the live load. However, for 


long-span structures the dead weight becomes a significant part of the total 


load. Thus,” the results (of the preceding analyses will represent the lower 
_ ‘limit of the scale for comparing the weight and material cost required me 7 

_ different materials. To determine the upper limit of this scale, “long” girders ' 
only their c own will be analyzed next. 


‘The n modulu 


4 It follows vs from n Eq. att that the minimum cross- -sectional area is then given by 


The compastoun of two “long” girders: of equal span L but made from differ- 
ent materials the following result: 


“Its the web depth- to-thickness ratios of the girders 2 are limited by buckling, it : 
- follows from a substitution of Eq. 23 in Eq. 30 that the: cross- -sectional areas 
are related as follows: 


Wp bee 
lw. E, / 


a, 
‘tion: 
In this instance, relative deflections are 2 of no interest because of th 
sence of live loads. 


| 
7 
1 
Gg in which M is the moment; w denotes weight per unit volume; A is the cross- | a 
™ |§_ sectional area; and L represents the equivalent simply supported span. a 
| 
” 
= 
| 
J 
= e ab- 


1961 
proved effectiveness of higher strength steels for longer span girders — 

can be illustrated by contrasting Eq. 24 and31, which give the relative — 
sectional areas for “short” and “long” girders, respectively. For “short” 
girders the cross- -sectional areas are proportional to the inverse ratio of the > ’ 
yield eeu the 1/2 power; this exponent increases to 3/2 for “long” 

_ Hybrid Steel Beams.—All preceding analyses were concerned with beams of 

> a strength throughout their cross sections, that is, with beams con- 

7 _ structed of the same material inthe webs and flanges. It is intuitively obvious, 

however, that the higher strength steels will be more effective in the flanges 
om in the webs. Hybrid steel beams constructed by welding higher strength © 
steel flanges to lower strength steel webs should therefore be more econom- a 

- ical. The term “composite beams” has also been used for this type of con- — 
To avoid confusion with ‘steel and concrete beams, the 
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CARBON STEEL 


'YBRID STEEL BEAM 


previously used elastic do not apply. Plastic design methods 
must be used to assess the true strength of such beams. To illustrate the 
_ structural behavior of hybrid beams, a plastic analysis of a hybrid beam con- 
sisting of a web of structural carbon steel (yield point 33,000 psi) and flanges” 
strength 100,000 psi), 


resented. 


as shown in Fig. 2, will now be 


Bending Behavior. 3 shows a schematic moment-versus- curvature 
curve and the distribution of strains and stresses across the section for three | 


stages of loading. During Stage I all stresses are smaller than the yield 
_ stresses of the respective parts; thus, the behavior “ the beam is | completely © 


equals ‘the yield stress of ‘the ‘web din this 33 ksi). During Stage 


_ 5 “Plastic Design of Steel Frames, ” by Lynn S. Beedle, , John Wiley and Sons, Inc., 
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ST8 STRUCTURAL MEMBERS 
_ part of the web is yielding but the flanges are still elastic. Stage II is reached 
7 ,, is deter- 
a _ mined from the condition that the entire section has yielded. ‘Therefore, Mp is 
the true measure of the bending strength of the beam. 
It is of interest to analyze the behavior of a hybrid steel beam subjected to 
_ repeated loads when the design load causes a moment corresponding to Stage II. 
Rig. 41 illustrates — is behavior when the design moment is is equal to to 60% of the : 


STRAIN STAGE STAGE “STAGE 


STRES DISTRIBUTIONS (stress in ksi 
(all sages! 


MOMENT 


x 


+ 


CURVATURE 


= 
3. STRUCTURAL BEHAVIOR OF A HYBRID STEEL BEAM 


—_—- the outer fibers of the pi is about 50 ksi and part of the web 
_— yielded, as shown in Fig. 4(a). This stress value applies to a hybrid steel 
beam in which the web constitutes 10% of the total area. When the beam is 
Saeeeeeaee _ the stress pattern shown in Fig. 4(b) must be sub- 


— 
& 
- 
| 
| 
7 


_ mined by the conventional elastic method. - the present example, the ae 
q Be Although the moments corresponding to to the l loading } pattern and the unloading 
pattern are of equal: magnitude, the differences between the patterns cause © 
residual stresses to remain in the section after the beam has been unloaded. 
The residual stress pattern is shown schematically in Fig. 4(c). ial 
| moment-versus-curvature curve shown in Fig. 4 indicates that after 
unloading, | a \peranen residual curvature remains in addition to the r residual 


= 


HYBRID BEAM 
“stresses. Integrated length of the beam, the curvatures 
_ result in residual deflections. It should be pointed out that the residual deflec- 
Bese are quite small for the following two reasons: (1) the residual curvatures 7 
; are only a fraction of the elastic curvature of a beam of ‘uniform strength, and 
= residual curvatures occur only in the region near the maximum moment. - 
_ Furthermore, any reloading occurs in a completely elastic manner pro- ; 
vided that (1) does not exceed the original maximum 


sts 
— 
4 7 


stresses. ‘This is because the elastic stress pattern 
- caused by the reapplied moment tothe residual stress pattern simply restores | 


the stress pattern created by the first loading. However, it should be pointed 
_ out et the yield stress of the cr Gotsemes material will be lower — 


bag omy Strength.—On the basis of the preceding examination on of the bending 
‘behavior of hybrid beams, it is now possible to analyze the bending strength — 
of such beams” and establish the optimum proportions for minimum material | 
ve _ Let the yield stress of the web material be f and that of the flange material 
a + B)f; then the strength moment), Mp, is is given by the follow- 
Again: = and =A-c t. 
Thus, 
‘The cross- ithe can, therefore, be expressed as follows: 


- Because the cross section consists 0 of materials that differ not only i in strength — 


but also in price, >, minimizing the cross-section a area, as was done for beams 
of uniform strength, does not necessarily give the lowest material cost. z | 
Minimum Material Cost.—It therefore necessary to establishan expres- 
sion for the total material cost. Let the price of the web material be p _ 
that of the flange material (1+7) p. 7 Then the wed material cost, C, is given by | 


a 


3 In terms of of ed parameters, 36 re reduces as follows: 


substituting A as given by Eq. 35 in Eq. 37 and then the 
total material cost, C, with respect to the depth c, it is possible to determine | 
_ the value of the depth the that gives the minimum material cost . The: result is as 


in which q is given by 
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= 


lowing result: 


im aaa values of c and A given by Eq. 38 and 40, 
ed Comparison of Hybrid Beam with Beam of Uniform Yield meee, —The pre- 
- viously-derived information for optimum hybrid steel beams makes it possible 
to establish the relative weight, cost, depth of section, and deflection of a hy-_ 
_ brid steel beam as compared with those of an optimum beam of uniform yield © 
a stress (equal to the yield stress of the web of the hybrid beam). If the proper- as, 
ties of the beam of uniform yield stress are identified by the subscript 1 and _ 


those of the nyseta steel beam by tl the subscript § the relative cross-sectional 


lative 1 ma aterial 


ae = The depths of the sections are related as f 


_ From a straightforward calculation of the nein of inertia it can be shown 
that the relative elastic deflections are related as follows: | 


i 
is of interest to nc web o 
i 
eq 


It should that these do n not include the initial permanent 
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Weight : and material- -cost comparisons can now be obtained by substituting 
“the pertinent material properties in the general formulas that resulted from a 
- the preceding analyses. In drawing conclusions from the results, it should be 
kept in mind that the optimum designs, on which the comparisons are based, 
must in many instances be tempered by practical design considerations. For 
example, the exact rolled structural shape required for the design may not be 
-- available and the next larger shape must be specified. Or, the greater deflec- a ._ 
_ tion of a high-strength steel member may be objectionable and, thus, the ad ; 
retically optimum shape cannot be used. With limitations such as these in mind 


the results will be examined in the 

TABLE 2. -— TENSION MEMBERS OF EQUAL STRENGTH (Built Up From Plates) 


Relative 

Yield Point | Relative i Relative 


ASTM 
COR- 


Tension Members. .—The preceding analysis | of tension members leads’ to. 
the comparisons of tension members of equal strength shown in Tables 2 and 3. 7 
° 7 4 Table 2 applies to tension members built up from plates, whereas Table 3 
a applies to rolled shapes. In both tables, when the high-strength steels and the 
“T~-1” steels are compared in relative weight with A7 steel, the weight savings — 
of the high-strength steels and “T-1” steels are 34% and 67%, respectively. a 
The maximum material-cost saving for members built up from plates is ob- 
_ tained with “T-1” Type A steel (32%). For rolled shapes the maximum mate- 
‘Tial-cost saving is obtained with A440 steel 


The high-strength-steel members elongate 52 times as much | as the corre- 


3.03 times as much. Because greater elongations mean greater deflections for 
the structure of which the tension member is a component, this may impose a a 
limitation on the applicability | of the higher strength steels. 


— 
ST. 8 STRUCTURAL MEMBERS 15 

| 
| 

— 

50,000 0.66) 0.9 1.52 

Uss “T-1” type A —100,0008 0.68 3.03 
| uss "T-1" 100,000 0.33 3.03 
i 
| 
— 


‘columns (that is, columns with small slenderness nathed approach those given 


for tension members in Tables2and3. = 
Beams and Girders.—The analysis of I-shaped beams and girders showed > 
that the web depth-to-thickness ratio, a, has a major influence on the efficiency | 
of such beams. In fact, the minimum cross-section area that is | required to 
support a given moment is proportional to theinverse of the cube root a. Itis | 
obvious that ne weight savings Cc can be obtained by constructing beams 
_wide-flange beam by a welded built-up girder (both made from structural car-_ 
‘bon steel) would allow an increase in a from about 55 to 170 and thus afford a 
31% weight savings. In this instance, however, a comparison of material cost | 
would not be indicative of economic advantages because the hot-rolled shape 
would require little or no fabrication, whereas the cost of fabricating the 


TABLE LE 8.~TENSION MEMBERS, OF F EQUAL STRENGTH Rolled* Shapes) 


Relative 


ASTM 
COR- = alll 


USS "T-1" type A 


USS "T- 


-1" steels, which are heat- -treated. 


cept for the 


welded built- -up girder, which would als also verticals web stiffeners, might 
results presented in the sections will, therefore, be limited 
to comparisons of beams that require about the same amount of fabrication 


&g a 80 as to truly assess the e economies of eee strength steels. Pah 


equal bending strength and with web ratios are 
- compared ins Table 4, It will be noted that two yield points are used for the 
high-strength low-alloy steels; the higher yield-point values apply to o shapes 
with thin webs (1/2 in. or less for COR-TEN steel and 3/4 in. or less for A440 
and A441 and lower values apply toan a maximum 


OL 

“ASTM A36 3,000 | o.92 | 0.93 1.09 

ALLO {50,000 | 0.66 | 0.76 |m 1.52 

* 
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4, _—HOT- ROLLED® BEAMS OF EQUAL STRENGTH 
_ (Equal Web Depth- Ratios) 


Relative 
Material h 


uss "T- -1" type A| 100, | 
USS "T-1" — 


“Except for ‘the | x” 

‘Strength 


TABLE | 5. —“SHORT” GIRDERS OF EQUAL STRENGTH (Web Depth- to-Thickness 


Point, 


Steed (psi) Weight 


‘USS COR-TEN 50,000 0.81 


i 


a 
— 
Deflection 
ASTM A36 36 000 0.98 0.95 | | 112 
46,000 (0.860 | 1.05 | 0.90 | 1.56 
(USS COR-TEN 50,000 0.87 un iii 
0.79 #+21.08 | 089 | 1.59 
Material | Depth of | Relative 
(ASTM AT 33,000 1.00 | 1.00 | 1.00 | 1.00 
ASTM A36 36,000 0.9% || 0.97 
107 0.81 | 1.86 
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“aime that | the w weight savings obtainable w with the higher : 


material-cost "saving (12%), whereas “T-1" ‘steel ‘demands in- 
crease in material cost” (31%). ‘The “T-1" steels show the greatest weight 


< AS indicated in the next to the last column, the optimum designs, on which 


the depth of the required high-strength low-alloy steel beam would be about 

18 in. For “T-1” steel a 14-in-deep section would be required. 
- Built-up Girders with Web Depth-to- Thickness Ratios Limited by Buckling.— 
Inthe analysis of girders of equal strength for which the web depth-to-thickness 
ratios” are limited by buckling, the distinction was made between “short” and 


ss For example, if a 20-in.-deep beam would be required for A7 steel, 


(psi) 
(2) 


witht the live load, ‘whereas. 
The of “short” | girders is shown in Table 5. Because the maxi- 
_ = web depth- to-thickness ratio of a girder decreases as the yield stress 
increases — (in proportion to the Square root of the yield stress), the effec- 
; tiveness of the higher strength steels is somewhat reduced in this application. " s 
7 ae As a result, most higher strength steels demand an increase in material J 
cost. However, A36 steel still shows a material-cost saving of 3%. The weight — 
‘ ‘savings for “short” girders are 19% for low-alloy steels 
and 43% for the “T-1”  — 
Girders. — “Long” girders of span that are required to carry 
” . only” their own 1 weight are compared in Table 6. The results are the opposite .° 
of those “long” girders the greatest material-cost 


iit pres STB 
« 
q 
TABLE 6.—“LONG” GIRDERS OF EQl 7 
— 
ASTM AT 330000 1.00 =| 1.00 
ss "ri" | 100,008 | 
x 
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FIG. 6. _—RELATIVE WEIGHTS OF BEAMS DESIGNED FOR MINIMUM MATE- 
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FIG, 5.—EFFECT OF THE RELATIVE DIFFERENCE IN YIELD STRESS, B, 
AND THE RELATIVE DIFFERENCE IN PRICE,Y,ON THE RATIOR 
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saving is for “T-1” A steel. The savings are 46% and 81% 
for the high- strength low-alloy steels and the “T-1” steels, respectively. _ 
a was mentioned in the analysis, “short” and “long” girders represent — 
the lower and upper limit of the scale for measuring the effectiveness of 
= higher strength steels in girder applications. Thus, the weight and material- _ 
cost comparisons of actural ‘girders: will show values between those given in 
Hybrid Steel Beams. —The results of the analysis of hybrid steel beams" 
indicate how such beams of equal strength and with equal web depth-to- _ 
thickness: ratios should be proportioned to minimize the total material cost. 


| 


= 


200 300, 400 


YIELD STRESS DIFFERENCE 


é 
FIG, 7.-COST OF OPTIMUM HYBRID STEEL BEAMS a 
| The significant parameter influencing — the total material cost is the ratio, 
. = 5 shows the effect of the relative difference in yield stress, B, and 
the relative difference in price, ¥, on the ratio R. Three curves are plotted 
_ corresponding to yY=86, Y = 0.75 B and Y = 0.508. The curves show that if 
relatively expensive steels are used for the flanges (Y=8 ), a greater portion 
:- the area should be in the web than when flanges are made from a relative 


of uniform strength (¥= 8 = 0). From the analysis it will be clear that this : 


- cheap steel (vy < B). The ratio of web area to total area, R, is 2/3 for beams 
of 3 applies: to plastically beams. designed 


.&§ 
| 
i = 
. 


STRUCTURAL MEMBERS 


‘The relative weights of beams designed for pared material cost are 
_ shown in Fig. 6. The smallest weights are obtained with the cheapest highest 
_ strength steels. The cost comparison for these beams is shown in Fig. 7. The — 7 
+a results indicate that if the relative increase in price equals the relative in- 
7 "crease in yield stress (Y= -B), no change in total material cost occurs. If the 
- ~ relative increase in price is less than the relative increase in yield stress 
_ (which is true of virtually all higher strength steels), the material cost of a 
hybrid steel beam is less than the material cost of a beam of oe strength. — 
TABLE 7 7.—HYBRID STEEL BEAMS OF EQUAL STRENGTH 
(Equal Web Depth-to-Thickness Rat Ratios) : 
| 
Material Elastic 


type 


type cal 


rape 


steel beams show less material cost than the A7 steel beam of equal strength. i> 
Most remarkable are the cost savings obtained for the hybrid steel beam with 
an A7 steel web and “T-1” Type A steel flanges (15%) and for hybrid steel | 
beam with an A441 steel web and “T-1” Type A steel flanges (10%). The 
—: savings for these two low-cost beams: are 37% and and 42%, respectively. 
SUMMARY 
_ A large family of structural steels with yield stresses varying from | about _ 
33,000 psi to 100,000 psi is presently available to designers. Because the 
relative increase in price of higher strength steels (compared with the price > 
of apariarsenseor carbon steel) is less than the relative increase in yield point, b 


a 
| 
— 
AT 0.68 | 0.8€0 | 0.63 | 0.85 | 
AT | 0.75 | 0.87 a 0.68 _ 2.16 
| 
— 
accompanied in many instances by material-cost savings. ~ 
h - Tension members show weight savings up to 67% (for the “T-1” steels), —_ 
Material-cost savings are as high as 32% for members built-up from “T-1” 


_ Type A steel plates, whereas for rolled sia the maximum material-cos 
gavings is 24% for A440 steel shapes. . 
a _ Special attention is given to the optimum design of I- -shaped beams and 7 
girders. For rolled beams with equal web depth-to-thickness ratios, the 
maximum weight savings” are obtained for the een” steels (52%). 
cost savings are shown by A440 steel (12%) . For girders in which the web 
_ depth- to-thickness ratios are limited by buckling, weight savings are accom- © 
panied by an increase in material cost for short spans. However, for longer 
span girders the material-cost savings become again significant. 
_ _ Hybrid steel beams that are built up by welding higher strength steel 
- flanges to lower strength steel webs show both weight and material-cost 
savings in all combinations investigated. For example, a hybrid steel beam 
— with an A7 steel web (33,000-psi yield point) and “T-1” Type A steel flanges 
(100,000-psi yield strength) shows a 15% r material- cost in addition to 


that through the optimum design of structural members the application 
of higher strength steels can lead to weed structures and oftento 


APPENDIX— -NOTATION 


4.6. 


The following symbols, for | use in the paper conform essentially 
with “American Standard Letter Symbols for Structural Analysis” (ASA 210.8 - 
1949), prepared by a connate | of the American Standards Association with | 


Society representation, , and approved by the Association in 1949 
A = cross sectional area; 
total flange ar area (two. flanges) ; 


14 = minimum cross sectional area; 

Aopt optimum cross sectional area; 


webarea; 
3 = subscripts to indentify cross section a 


_ structural members being compared; 


= total material cost; 


elongation o of tension 


| 
g 
f 
a 
7 nd materjal properties of 
7 
| 
— 


Pye 
= yield st stress (stress at t the yield point o or or 0. offset y yield strength); 


moment of inertia; 
= plate bu coefficient; = 


length of structural ‘member; 


bending strength; 
=u useful (load) of tension 


= material price; 


= parameter de defined Eq. 39; 


of web area to total area; 
= section modulus; 


thickness; 


ay per unit volume; 


= éy 


q 
j 

— 

= 
relative difference in price; and 


— 
— 
— 
— 
— 
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RESTRAINT OF STRUCTURES | ATTACHED TOM © MASS 3S CONCRETE 


watenal frames such as trashracks or control appurtenances are extended 2 
and built as integral parts of the massive structures, Those structural frames" 
are, in general, exposed to widely varying temperatures imposed by | climatic — 
conditions, The varying temperatures induce length changes in the frames. —_ 
_ Similarly induced length changes at the surface of the mass concrete between — 
any two points of attachment of the frame must | be restrained by the mass, . 
whose range of temperature variation becomes smaller atincreasing distances _ 
fromthe surface intothe mass, 
‘This paper presents” measurements of length and temperature changes nt 
curing at depths of up to 5 ft into ‘o the masses of three concrete dams in actual 
service, The measurements were made, periodically, by means of elastic- 
wire strainmeters that were embedded i in n the concrete construction, 


_ the mass concrete is deduced and presented. 


_ of the copyrighted Journal of the Structural Division, Pressaiiings of the American Soci-- 
_ ety of Civil Engineers, Vol. 87, No. ST 8, December, 1961. 


Structural Engr., Office of Asst. Commr. and Chf. Engr., Bur. of Reclam., U.S. 
Dept. of the Interior, Denver, Colo, 


= 


sally. 
if 
: 
34 _ measurements, a rational method of calculating the effects of the restraint by 
The method is applicable in de- | 
! 
. ics Note.—Discussion open until May 1, 1962. To extend the closing date one month, a — f 
— 


_ sign of reinforcement at junctures: of massive concrete with comparatively 7 


light structural frames where temperature variations are significant. _ 


The major “portion of the data presented in paper was obtained from “a 
strainmeters embedded, in sets of three, in the Bureau of Reclamation’s Hun- > 
gry Horse Dam in northern Montana, Figs. 1 and 2 show the locations and ori- | 
7 entations of those trios of strainmeters. On Figs. 3, 4, and 5 are the curves" 
of strains and temperatures, varying with time, derived from data obtained _ 
a from the strainmeters shown in Figs. , land 2, Fig. 5 also includes curves of _ 
construction progress, reservoir elevation, and air temperature at Hungry 
- Horse Dam. Additional data were obtained from less complete strainmeter — 
_ installations in the Bureau of Reclamation’s Shasta and Canyon Ferry Dams. 
7 Details of those two strainmeter installations together with the corresponding ~ 
= time curves of strain and temperature are shown in Figs. 6 and 7 seiiele. 
e Figs. 1 through 7 comprise the basic information from which the analysis of 
the restraint effect developed in this paper has been deduced. —_— a 


> 


om Figs. 8, 9, , and 10 compare, graphically, the range of strains and mre 


tures measured by the strainmeters shown in details “U” and “T” in Fig. 1. 
- The directions in which the strainmeters are oriented and, hence, in which the 
strain measurements are made, aré are designated in Figs. 8, 9, and 10 as “Nor- ; 
, _ mal,” that is, normal to the nearest face of the dam; “Parallel,” that is, paral- 
lel to the slope of the nearest face of the dam; and “Axial,” that is, , parallel 
to the axis of the dam. The graphs on those three figures show the relations 
- among the total length changes, for each seasonal increase and decrease of © 
temperature, in _ those three directions at each of the distances of the strain- , 


in 1 plotting those graphs ¥ were taken directly from the curves 3 of Figs. 3 and 4, 
ne Strainmeter SM433 yields clearly inconsistent results not used in plotting the 
q “Normal” curve, but those results are included, for the sake of completeness, . - 
Details “U” and “T” of Fig. 1 describe the only strainmeter installations 
_ that were made in which the meters are located at different distances from — 
the face of the dam. Details “O, and “R” in Fig. 2 andall groups 
in Shasta and Canyon Ferry Dams, Figs. 6 and : show that the strainmeters _ 
in those locations are all about 2 ft from the faces of the respective dams. : 
Figs. 5, 6, ‘and 7 by the use of the same method as that used to plot Figs. 8, 9, a 
* a 10, Figs. 11 and 12 are bar diagrams comparing the strain changes 
temperatures from Figs. 5, 6, and 7 in the same three directions as used on > J 
Figs. 8, 9, and 10. The values Tepresented in Figs, 11 and 12arefor all strain- 
meters in those three civestions and which are located about 24 in, from the 
faces of all three dams, The first two seasonal temperature cycles after in- 


‘a 
stallation of each such strainmeter group are used inthe comparisons in Figs. 

ip 
=) 


. 
| 2 
i 

ie 
= 

— 

<7) 


RESTRAINT OF STRUCTURES 
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6. LOCATIONS A} LENGTH AND ‘TEMPERATURE CHANGES OF STRAIN- 
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8 through 12 show, consistently, that greater length changes occur in 
_ the erection normal to the face of any of the dams than in the other sone 
directions. ‘The smaller length changes are attributable to restraint af- 
ELASTICITY 
tf the ‘assumption 1 is made that length changes, out to temperature aa, 
which take place in the mass concrete near a face, are not restrained in a di- _ 
rection normal to the face, but are restrained inthe other perpendicular direc- 


tions, the following equation applies: 
ep) 


= i 


in which € “indicates length change with subscripts N, A, and P denoting direc- 
tions as normal to face, parallel to axis, and parallel to face, respectively; _ 
represents thethermal coefficient of expansion of the concrete, ‘T, the tem-— 


_ perature change; and p represents Poisson’s ratio. 
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_ FIG, 11.—COMPARISONS OF TOTAL LENGTH AND TEMPERATURE CHANGES OF STRAINMETERS 7 
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_ HUNGRY HORSE, SHASTA, AND CANYON FERRY DAMS— 
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_ Laboratory tests of of the concrete in Horse Dam have determined that 
dus, 


values are Ea. 1 with values of 
and T, ata face of the dam, from Figs. 8, 9, and 10,a value of € j may be cal- 
perrse which agrees, with reasonable experimental accuracy, with the appro- a 


_ priate measured values from those figures, 
a For example, the curves on Fig. 8 for the seasonal temperature drop from — 
August, 1952, to January, 1953, may be chosen, and values a at the betel 


3 face of the dam, from | those curves, ‘Substituted into ‘Eq. dare 


= 6 x 32 +0. + + 100) = 


- and from the normal curve of the same set, en = 215, —* 
Another example curves of August, 1957, to February, 1958, appear 


in 10: 


4 


cae study of Figs. 8 through 12 leads to the following approximations: 


« p (ap approximately) 
__ Acceptance of the empirical relationships of Eqs. 2 and 3 enables, by use > of 
Eq. 1 1 , calculation of the values: of the ‘restrained length are in the — 


of € q and € p may be calculated as follows: 


Substituting Eq. 2 in Eq. 1: 


€ 


and substituting that value in Eq. 4: 


> 
‘Eq. 5 enables calculations of restrained length changes to t be made and applied, 


Fig. 13 illustrates the application of Eq. 5 to » a typical p problem of designing — 
reinforcement in a frame attached to a massive concrete structure, ie 
‘The evidence presented herein shows that only partial ‘restraint of change 
9 distance between A and D, as shown by Fig. 13, is ‘effective, and that the net — 
_ change is approximately evaluated by use of Eq. 5. _ 


wT _RESTRAINT OF STRUCTURES 39 «6 
q 
= 
- 

€y OX 42 + 0.17 (155 +100) = 295 ef 

— 


The accepted practice ehas been to design the reinforcement at the junctures 
of the frame with the mass concrete, that is at A and D, by assuming that fm . 
— in distance between those two points occurs or, equivalently, that Cr 
= AD. A reduction in temperature- -induced moment at A and D results from 
the reduction of restraint and a corresponding saving of reinforcement if justi- 


ia Engineers generally recognize that great accuracy in, and agreement among, 


| ‘measurements of length changes in | concrete is not to be expected, because of Se 


in the same structure and are attributable to the heterogeneity of — 


FIG, 13. a the line, AD, produced, represent the plan view 
_ of a part ofa vertical face of a concrete mass. Let 7 a 
ABCD represent the center line of a rectangular 

: concrete frame ‘fixed t to the face of _the mass at tA 
a If a temperature rise, T, be imposed on the en- | 
tire system the three sides of the frame, AB, BC 
and CD lengthen, relatively unrestrained, by the 
amounts shown inthe above diagram. The side AD, 

_ being also part of the mass concrete and therefore | 
restrained will lengthen less than will BC accord-— 
ing to Equation (5) in the text. The condition ac-_ 

- companying a temperature decrease is analogous. 

_  Adesigner, having calculated the new shape A’ 

B’C’D’, has sufficient information to enable the de- 

of the amount re- 


quired. 


_ Neither the variations not their effects are predictable. Where a large | num- 


tne S inthe €lastic prope es ( tne CONCre ct SE V< 4 
— | 
@ 
“ae €=—s.-s fall of temperature, observationaland instrumentalerrors tend to vary at ran- a 
.. 2% dom, and their effects are min a 
smoothed; some obviously inca 
Climatic temperature chan; 
in concrete near the exposed Suriaces Of massive structures, Restraint OL 


URES 


change rigidity of the massive structure is not complete. Evi- 


dence obtained from embedded strainmeters and presented herein indicates 

4 that the rigidity of the massive structure permits about one-half of the un- 4 
_ restrained value of temperature-induced length changesto occur near “exposed 


‘That reduction of restraint may be used to ery in n the design of rein-— a 
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~ wig POST- -ELASTIC BEHAVIOR OF WIDE- FLANGE STEEL BEAMS — 


‘By Herbert A. Sawyer, Jr ASCE 


‘Strain hardening tends to cause the flexural strength of a 
section to be higher than its fully plastic strength, and instability tends to 


_ the flexural strength lower than the fully plastic strength, 
By means of tests on twenty - one simple beams of various cross- -sectional 


flexural deformations "are evaluated semi- 
empirical expressions for the strengths and deformations are established. 
From these data, expressions for the effective 1 moment- curvature relationships 
for any rolled steel section are obtained. 

_ The behavior predicted by these expressions of a simple and a continuous - 


beam tested by others is compared with test results and with the mentee as- 
sumed by the rigid-plastic and elastic theories. 


relationship between bending moment and curvature. Because rolled 
steel flexural members are elastic for a relatively small range of curvature, 
it is generally recognized that a non-linear moment-curvature relationship ie 
_ must be used to evenapproximate the true behavior of steel flexural structures, a 


A two-segment approximation consisting of the elastic line and an infinitely | 
Note. —Discussion open until May 1, 1962. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. This paper is part 
of the copyrighted Journal of 7 page Division, Proceedings of the American So- 
ciety of Civil Engineers, Vol. . ST8, December, 1961. 
Prof. of Civ. Engrg., Univ. Connecticut, ‘Storrs, Conn, 
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ives results much nearer to true behavior than elastic theory. —a_" ol 
_ However, this approximation neglects four important factors that affect ‘the 
strength and deformations of steel flexural members: - Strain hardening, that 
/ _ tends toincrease strength; instability or buckling, that tends to reduce strength; — 
and the shear and moment-gradient, the former of which tends to 
reduce strength, and the latter to increase strength, Because these are op- 
"posing factors, the plastic theory may, by coincidence, give close results 
_ certain structures, but precise prediction or explanation of the strength and 
deformations of any structure must consider these factors; that is,a more ac- 
curate moment- ~curvature relationship must be used, ( This is not to say that _ 
he existing m method of plastic > design? is unreliable. For the ordinary building 
; this method is conservative, because it: (1) excludes use of the least stable a 
-_ sections, (2) neglects strain hardening, (3) contains many built- -in safeguards © 
— premature buckling, and (4) assumes the conservative yield stress of | 
: _ Purpose of Tests.—The purpose of this investigation is to establish a semi- 

empirical basis for determination of more accurate moment-curvature (M-¢) 
relationships for rolled steel wide- -flange or I selections with moment applied 
about the strong axis and with insignificant axial loading. Any typical moment- — 

curvature relationshi p will be determined as a function of the following param - 
eters: The cross-sectional dimensions of the shape; the moment graident — 
¥ (shear); and the tensile stress-strain relationship of the steel. This investi- 
_ gation is not concerned with the actual moment-curvature relationship at any 
! —* cross section (which could vary significantly along the lengthof a mem- 
J: ber) but with the single, effective M-¢ relationship that defines the behavior of 
a a considerable length of member with linearly-varying moment. = © 
_ To achieve this purpose, the behavior of various simple steel beams with 
bo —- constant moment-gradients was determined experimentally after meas- 
_ urement of the previously noted parameters for these beams, Then, moment-_ 
7 curvature pesnagre that wound agree with this behavior were determined, 


rameters, , and us using, for the ultimate moment and curvature, empirically ¢ de- - 


It is believed that this investigation provides much basic data for the : ana- 

lytical prediction of the behavior of any flexural rolled- -steel structure sub- 
oon toa proportional loading, provided the structural dimensions and the 

stress-strain relationships are known, | 
Prev ious Work.—There have been several experimental studies3-1 10 of the 
pt -elastic flexural behavior of wide-flange sections subjected to uniform -mo-- 


_ ment (zero shear). However, there seem to have been only four limited = 


3 “Behavior of Rolled-Steel Joists in the Plastic Range,” by J. W. Roderick and H.H 
Pratley, British Welding Journal, 
“The Plastic Behavior of Structural Members Frames,” G.C. Driscoll, Jr. cand 


.¥ S. Beedle, Welding Journal, Vol. 36, No. 6, June, 1957, p. 2758. neal 


a 2 “Plastic Design in Steel, ” American Inst, of Steel Constr., New York, N. aaa 


a) “Plastic Behavior of W ide- -Flange Beams, ” by W. W. Luxion and B. G. Johnston 

Welding Journal, Vol. 27, No. 11, November, 1948, p.538s. 
. me. “Residual Stress and the Yield Strength of Steel Beams,” by C.H. Yang, L.S. Beedle, — 

: _and B. G. Johnston, ee ahn Report No. 5, Welding Journal , Vol. 31,No. 4, April, 1952, 
“Plate in the Strain- Range,” byG . Haaijer, Proc. Paper No 
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Perimental 4,10,11 of the more general case of wide- sections 
subjected to a moment of constant gradient (shear) and no axial load, and be- 
. Cause determination of effective moment- curvature. relationships was not with- - 
in the intent of these studies, the flexural angles necessary to such a deter- 
‘mination were not measured. (T. Kusuda and Bruno Thurlimann, M. ASCE, 
have performed12 three tests on wide- -flange section subjected 
a om, and axial tension in which the flexural angles were measured). bpesr 
_ Fora summary and comprehensive bibliography of the theoretical work done : 
on this problem reference should be made to a paper13 by C.G. Lee. ‘Impres- 
‘sive theoretical work has been done by M. W. White. 9 *.. we Glan 
_ As a beam approaches its ultimate moment, buckling of indefinite mode in- 
volving large displacements is always present. None of these purely theor etical 


approaches can even approximately predict behavior at this stage, because no 
theory yet presented accounts for the following factors, all of which would seem. 


The amount of 
= in strain-hardening modulus after the initiation of strain- -hardening. 
(Present theory only accounts for the initial strain-hardening modulus). Also, 
the difference in stress-strain relationship for tension and compression. 
2. ‘The non-linear distribution of normal strains at a section caused by 


7 ative reduction in compressive strain of fibers which buckle. ee: 
_ 3. _ The change in shape of cross section area caused by buckling. Also, th 


a cross sect 


4 insignificant for sections with two | axes of symmetry). 
Initial imperfections and eccentricities. 


_ These would be of minor importance for moments approaching the - ultimate — 


were . it not for their effect on the timing and even yn sequence of the successive _ 
modes of buckling; that is, the configurationachieved from one mode may dras- 4 
tically affect the initiation-load and the severity of the next mode. _ Thus, oases” : 
is, unfortunately, an inherent uncertainty in post-e 
obviously applies to both theoretical and experimental results. For example, | 
a typical (not universal) sequence of buckling modes is as follows: —(a)- local 
7 as a unit of the compression ‘flange : and the ‘compressed half of the web et 
the flange-web junction, (c) a somewhat local lateral buckling of the compres- | 
sion flange, (d) an *S” type overall lateral buckling continuous across lateral — 
supports. For the transition from mode (a) to (b) of this sequence , imperfec- = 
_ tions that cause an initial local upward buckling of both edges of the compres-_ 
_ 8 «Qn Inelastic Buckling in Steel,” by G. Haaijer and B. Thiurlimann, Report No. 205, 
9, Fritz Engrg. Lab., Lehigh Univ., Bethlehem, Pa., May, 1957. 
re 9 “The Lateral- Torsional Buckling of Yielded Structural Steel Members,” by M. w. 
| White, Report No. 205 E. 8, Fritz Engrg. Lab., Lehigh Univ., Bethlehem, Pa.. October, — 
10 “Shear Deflection of Wide Flange Steel Beams in the Plastic Range,” by W.J. Hall © 
N. M. Newmark, Proc. Paper No. 814, ASCE, Vol. 81, October, 1955. 
_ 11 “Theory and Practice in Steel Construction, ” by F. ‘Stussi, “Acier, Vol. 3, No. 2, 
12 “Strength of Wide Flange Beams under Combined Influence of Moment, Shear and — 
=> "Axial Force,” by T. Kusuda and B. Thiirlimann, Report No. 248.1, Fritz Engrg. Lab., 
Lehigh Univ., Bethlehem, Pa., May, 1958. 
13 “A ABarvey of Literature on the Lateral Instability of Beams, ™byC. .G. Bulletin 
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_ December, 1961 
flange at a section will tend to suppress mode (b), an initial buck- a 


ling of these edges ii in opposite directions would mode (Becaus 


_ mate strength may be realized during any mode. ) aban 


6. Shear. The | usual treatment shearl4 neglects strain- 


rv. It would seem that even if a theory should ‘be developed in the future that a 


would account for these factors, it would be so complex as to be of little prac - 
tical use. Because tests automatically | account for such factors, extremely 
useful engineering solutions to highly complex problems in other fields—for ‘a 
_ example, flexure and diagonal tension of reinforced concrete, flow in fluid me- » * 

Ee and bolted or riveted connections of steel—have been obtained 7 


‘semi-empirical analytical methods. _ The purpose of this investigation is to ob-_ 
be the test results that area necessary basis: for applying any such methods A 


‘for use in this paper are defined where 
firet agpear and are arranged alphabetically, for convenience of reference, 

of —The tests were under the assumption that the post-— 
fs elastic strength and deformation of rolled steel ‘sections under flexure were. 

. governed primarily by instability, and that instability depended primarily on 
e-- flange proportions expressible by the two parameters L/»b and b/t, and sec- 
on the proportions expressed by d/w, all as defined by Fig. 

% Therefore, it was decided to test six different shapes, one with a b/t ratio od 
_ approximately 11, three of approximately 14, and two of approximately 18. . For Ay 

4 each of these shapes, three specimens with values of L/b of approximately 4.25, . 
5.75, and 8, all cut from one length, were tested. Values of d/w ranged from 

_ 21.1 to 57.7. Relative lateral translation of the compressive flange at the three 

i loading points was prevented with t) the > arrangement shown in Fig. 3. ( The 

_ flanges were removed from the center portion of the channel to make its flex- 


we _ 14 The Full Plastic Moments of Sections Subjected to Shear Force and ‘Axial Load, ail 
ie g by M.R. Horne, British Welding Journal, Vol. 5, No. 4, April, 1958. 
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= 
resistance | to vertical loads negligible). No attempt was made to prevent 
- Potation of the cross-section at the central load about any axis (for example, | 
7 ‘Thus, the main test program involved the testing of eighteen flexural spec- 
E: imens, specimens numbered “4” to “21. <a Three specimens, numbered iil to 
“3,” with a b/t ratio of approximately 17 and with a limited amount of lateral 
iis: empont, were also tested. Because of the uncertainty of the degree of lateral 
test ‘results ‘Specimens 1 to 3, herein, ‘should 


each shape, two coupons taken from the quarter sales of the flanges and one 
from the quarter point of the web (as shown in Fig. 2) were tested int tension - a 
Each specimen was tested in flexure with the apparatus shown in Figs. 3 and 
ay with loads, or, more precisely, deflections, applied by a universal hydraulic 
7 testing ‘machine. -Deflections were applied at a continuous rate, slow below the 
: elastic limit and faster above the elastic limit so that the total time of loading 
7 was from + hr to 15 hr per specimen. For each of a series of pre-determined 
values of load, essentially simultaneous reading of A, the center -line deflec- 
tions, and 26, the angle of rotation of one end- stiffener with respect tothe cor- 
responding stiffener at the other end, were taken (Figs.3 and 5). For the more 
_ Shallow beams tested, @ attained values exceeding the range of the » telescope-— aT 


mirror apparatus. These values were obtained with acceptable accuracy by ex- oO 


_ trapolations | of the plots of L @ versus center-deflections [(Figs. 8(b) — 
ia possible relative rotation of the flanges from shear deformations (and | 
_shear deformations were quite large forthe shorter members). The apparatus ~ 
was designed for this exclusion because the rotations of sections initially nor- s 
mal to the beam axis have primary: and special significance for analytical pur-— he ™ 


“may | be calculated from these test results, as will be shown. Pern” 
Results of Tests. —Quantitative results of these tests were ate presented in 
Tables 1 through 5 and Figs. 8 through 13. en ce 
Table 1 shows deviations in measured dimensions in for each spec- 
from the nominal dimensions listed in the standard manual.15 Eachvalue 
of ty was obtained as the average of eight measurements, b of four measure- 
ments, and d and w of two measurements, half of these measurements being ; 
_ taken at each end of each specimen. Actual values of the first and second mo- z 
ments of the cross- -Sectional areas about the major bending axis were computed 
for each section, and the deviations and percentage deviations of these — 
from the nominal values are alsoshowninTablel. 
aad Table 2 shows values of yield : stress, plastic strain, initial strain- hardening ~ 
modulus, rate of reduction of Esh with respect to strain, and ultimate 
y stress, as defined by Fig. 2, for each specimen, as determined from coupon | 


™ tensile tests. ~The: rate rate of reduct reduction in in the initial strain-hardening ‘modulus, 


tiation of strain- hardening. “Values of the thicknesses of the rolled metal are 7 


was: as over a strain of 0.02 after in- 
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also g given in order that a any ain between thickness and yield point may 
Table 3 shows three values of the fully plastic moment, the first, 


: the handbook15 values based on nominal dimensions and a oy of 33 ksi, and the 
_ second a value based on the actual dimensions and actual > yield stress 7 


-0,013) -0.019) 0. 
5| 0.021) 
0.011) 
-0 014) 0.022 
0,009} 0,015 
0.009] 0.018 
0.085} 0.006] 0.014 
0.077; 0.000) 0. 007, 


necessa 


in y to o the ve: ‘distance from the centroid of cross- -sectional | 
ae x Table 3 then shows observed values of maximum moment, My, and a 7 


con 
j - 
VERSUS NOMINAL DIMENSIONS 
Spec- Length, Ad in|Ab, in| At, in2 Aw, in cu in. 
3 | | — | | 0.084 | 0.18 | 0.010 
~ | 0,080]=0.01 | 0.011|-0.008 | 3.01 0.036 
|| /12B14) - 0.080}-0. 0.012) -0.008 | 3.14 0. 0.60 | 0.034 
2 |12B14) . 0.013) -0.0075 5 | 0.51 | 0.027 
2B14 0.075 |-0.03 | 0. 0.010 | 1.70 | 0.025 | Oo. 025 | 
36 |-0.095| 0.082) 0.022) -0. 1.56 | 0.023 | 0.47. 
|8 W 20} 22.36 | -0. 2) 0.026) -0.010 9} 0.24 | 0.013 
ar 20] 30.27 |-0.110} 0.042) 0. 0} -0.009 | 0.60 0.00 0.08 | 0.008 | 
5 We 10 |-0.120| 0.042) 0.02 | 7 | 0,008 | 0.08 | 0. 
W 20 42.30 |-0.1 0.000/ -0.003/ -0.001 | 0.17 0.002 0.01 
We 16] 21.23 | 0.045) 0. 20/-0.003| -0.004 | 0.04 012 | 0.10 | 0.010 
17.06 | 0.030 -3.38 | -0.0 
10 |10 B 19} 17. | |-0.042 
110 B 191 23.07 | 0,000 “0.14 | 0.003. 
15, 30.25 |-0 00 | |-0.003 
31) 27.72 | 0.000 (72.26 | - 5 | -0.04 |-0.001 
be 37.47 | -0.015 (71.24 | -0.005— 0.053 
— 16 |12 B 16.96 | 0.060 0.49 0.028 
12 B 14/2282 0.045 340 0.83 | 0.027 
12 14] 31.72 | 0.020 0.007 | 4.18 | 0.038 | 0.023 
18 |12B 5| 0.031! -0.001 . 0.031 | 0.69 Pts 
33.87 | 0.125 5 3.44 29 
| 20 8 W 31) 45.91 | 0 100 0.000! 0.003 | 438 0.040 | 0. 
— 
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as ‘measured for each specimen, as well as observed value of 0, at the 
instant of attainment of maximum moment. The observed average outer - fiber 


strain in length L at this same instant, €avgs was then calculated by the geo- 


_ Table 4 next presents: ‘the 1 results of a solution to the problem of the co / 


putation of values of Mu values” observed in the flexural tests, using only di- 
- mensional and stress-strain curve data. For this solution it was first found q 
that the observed were by values ad by 


expression 


t/ \b/ w 


lated by assuming a value of uniform stress in the flange, Of5e, 
the flange tensile stress- -strain curves for a strain of 5 €avg (using 
= of €avg) and assuming a value of — stress in the web of sid 


Values of experimental and calculated My are ‘given an and in Table 

_ A reasonable r moment-curvature diagram for a steel rolled section is shown — 

in Fig. 6, in which the known quantities, besides the v values of Mp and Mu of ; 


Eqs. (2) and (5), 


‘maximum other fiber strain of ‘this v was determined 
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It be noted that the S€avg used to obtain My is ‘merely a: an 
iq strain that gives the effective value of a tensile stress to —_ Mu. _ Because of 7 ; 


because of the 


siderations indicate that v should be a variable greater than5. 
- Values of v as computed by Eq. 10 are given in the fourth column of Table 5. 
(Values for specimens for which My is nearly equal to Mp are omittedas being» 
trivial). It was then found that these values could be sepreximetes by the em e 


“Values of v from this on in ‘the fifth column of Table 5. 


us 


‘The moment - -curvature ‘relationships defined by Eqs. 2, 5, 6, and 12 for the 


With the moment-curvature relationship thus defined, the moment versus 
= angle relationship for any rol.e-. steel flexural specimen may now be predicted * 


- 


Figs. 8 through 13, with the experimental curves, 

Of course, @for these curves was obtained | by integrating curvatures as 

given by the M-@ of Fig. 5 along the length L, resulting in the 


e total bending angle at m: usly a 
— 
to the angle as given by the assumed diagram. = 
in which Ap is the abscissal area of the M-¢ diagram. Equating and solving 
i 
ee but their effect is lessened by their axial inclinatio.s. Furthermore, even if 7 
eee the actual strain were known at My, it would not be equal to on a 
a 
= 
— 


expressions: 


An unexpected characteristic of the moment-curvature relationships shown 
in Te 7 is that the two lines defining the | post- elastic portion are al 
TA 5.- N 
BLE 5.- “CALCULATION OF 
(3) 
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would lead one to expect. Thus, the point of intersection of these lines, (Mp, 
¢ ; has less significance than anticipated, suggesting that a parabolic or > 
_ single- line representation of the post- -elastic portion that | ignores this point 
‘might be equally effective. A preliminary trial of a single- -line representation 


_ Showed that it was less effective in followingactual test curves for three of the © 
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€e - (Me + Mp) ep + (M 
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test groups, approximately equivalent for one eines and m more effective for two 


One of the test groups, Beams 10, 11, and shown in post- -test condi- 

tion in Figs. 14 through 17. The decreasing importance of shear deformations 

with increasing L L is is apparent from the yield patterns delineated by the wale- 

Centroid of Bending Angle a and Deflection m from Shear. stated previously, 
the plots of 6 L versus center deflection, 4, Figs. 8 through 13, were extrapo- — 
 lateda: as shown by the broken lines to. obtain n those high v values of 6 that exceeded _ a 
the range of the telescope-mirror system. 
; It is interesting to note that with the simple method to be presented these a 
7 plots may alsobe used to obtaintwo other quantities of potential future impor- 
tance: Kj, the ratio of X, the centroidal distance of 6 from the near reaction — M . 
the beam, to L, and the of A, the total deflection, — 


 shearin deformations. 


FIG. 14 —BEAM 10 AFTER TEST 


"Beyond th the work by William J. Hall, -M. ASCE, and Nath Nathan M. Newmark, Fe 


‘quantities in the post- elastic range. . However er, their actual calculation and anal- 
ysis will be deferred as not being essential tothe present ene of flex-_ 


be lines through the origin, inclined 4 and shown on the 
graphs for reference purposes. Furthermore, values of Ky less than one will > 
cause the plotted curve to be in a clockwise position wi with respect to | this line, 
_ whereas shear deflections would cause it tobe in a counter-clockwise position - 
The position of the curve with shear deflection neglected may be obtained quite — 
o accurately for the longest beam of each test group because all shear’ defle n 
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‘in of shear deflections with sufficient accuracy by the simple e elastic theory t 


Aweb is the | area web, and iGt the modulus of elasticity. 


It is reasonable to assume that, fort two specimens identical except 1 for length 
L, so as to produce the same center- -line ‘moments Mm, the values of 


loads to 2 a maximum 
of kip- vin. on teat beams 13 and 15 are in Fig. 
LIMITATIONS OF TESTS AND RESULTS ~ 

es The sections chosen for these tests generally had more slender elements _ 
and higherb/t and d/w ratios 5 than rolled sections usually used, because inves- ’ 
tigation of instability was ry primary objective. Also, the factors of cost and 
ease-of-handling encouraged the use of smaller, lighter sections. Although it 
is believed that the dimensional parameters used for the derived expressions 
provide the basis for their validity for heavier sections, it is obvious that the 
en of accuracy will probably not be as high as for the sections used for the 
derivation. Contributing to this inaccuracy are the following factors that vary 
‘ with size: Dimensional variations, residual stresses, yield and ultimate stress- 
= and carbon content (which is increased with size toprevent excessive low- 


standards;? t 2 


thie following expression for may be written d 

— 

1 Wil acuically equal, Wit 

| at values of 4 and 6 L corresponding 

ntinuous building framing under existing (1961) 
She d by b/t ratios exceeding 17 (@W 31 and joist = 

= rally unsupported lengths, L1, equal to L2, where 

a 8é€=36._ L2 = Mn) /V (that is, they had lateral supports at points of zero moment and [im 


maximum moment). Where Lj and Lg are not equal, aneuten: intermediate “— 
_ value of effective length should be used in the derived expressions. Because t 
each of these length has a distinctive effect on the M-@ relationship, it must ff, 
remain for further tests to define, , and distinguish between, these effects. re 
« " Further tests are also needed for values of Li nearer the American Institute 
of Steel Construction ( AISC) limit of L1 = 13b, and for values of L2, between 
approximately 10b and infinity. As stated before, the post-elastic behavior of 
= 
wide flange sections for the limiting case of constant moment (Le eq equals in- 
a has been the subject of many investigations. Almost all investigators — 
have — that for ‘such a condition the fully plastic moment is the effective 


Sequence 


Value of deflection, a 


ce. 


¥ 


ultimate moment. - Although each investigation has provided information alae 
~ formations, little is known about the M-@ relationship in the strain- a 
range or the limiting values of strain for r b/t ratios of less than 15. 7 


_ Asea search was made for pu a test ween by others to which the results 
aw of this investigation could be applied. Although there have been many post-— 
elastic tests of rolled steel beams, only two have been discovered for which: _ 
(a) web and flange tensile stress- strain curves were given, , (b) ultimate > ¥ 

ment was not attained first at a lengthof constant moment, (c) if statically in- 


determinate, , shear deformations were not in the plastic range and thus exces- 


Results for the two tests4,6 that evidently satisfied these requirements (both 
performed at the Fritz Laboratory of Lehigh University, Bethlehem, Pa.) are 
‘compared in Table 6 with the results obtained using the M-¢ relationships of ; 


this paper. Maximum loads as given by the elastic and fully plastic distribution 
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stresses. atsections of maximum moment are also ; given. For. the statically 
_ indeterminate beam B3 the method used for calculating the distribution of mo- 


structures by use of M-@ diagrams, an elasti- -plastic method such as those 
_ previously presented16,17 by the writer must be used). The theoretical de- 


| + ‘flections are purely flexural, whereas the test deflections in total a - 


what lower than the test maximum load, whereas for beam B3 it is somewhat | 9 
higher. However, the test report6 for B3 merely states that 56.3 kips © was > 
“maximum load carried,” and load-deformation data is not given for loads. ex- 
ceeding 49 ee _ Because the theoretical flexural d deflection at which ultimate 


The deflection values of Table 6 simultaneously signify an important limita-_ 
tion application of the relationships diagrams presented herein. 


TABLE 6. ~APPLICATION TO OTHERS’ 


4 at P, in inches, 
for maximum P | 


and $ 


(Statically determinate) 


Distribution of moments —> 


most structures will lost their effectiveness 
Of excessive deflection before ultimate load is reached. However, itis only 
-withuse of M-¢ relationships that deflections inthe ultimate load range may be 
, _ calculated. It should be added that deflections of this magnitude cause changes io 
" in the shape of the structure which, unless accounted for, lead to gross ana- a : 
lytical error, especially for ‘and three- dimensional we 
For the ‘relatively light- sections us used in this te test the ‘fol- 
lowing conclusions can be made: 
“Elasti-Plastic Design of Single-Span Beams and Frames,” by H. A. Sawyer, Jr., 
‘Proc. Paper No. 851, ASCE, Vol. 81, December, 1955, and Proc. Paper No. 1156 ASCE, 7 


te “Elasti- Plastic Analysis of Cutten Frames and Beams,” ~*~ L. P. Johnson, Jr. 


oy H. A. — Jr. - Proc. Paper No. 1879, 4 ASCE, Vol. 84, No. ST8, December, 1958, 


ments is significantand is specified. (For analysis of statically indeterminate 


For beam T5 the maximum load calculated# from the M-¢ diagram is some- 
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sien one sections measured, the variation in “I” with respect ~— 
handbook values up to 4% with a standard deviation of 3. 3%. 


‘tee, minimum of 33 ksi ‘iene from 4. j ‘to 14.6 ksi, the average | excess 
being 8.3 ksi, or 25%. _ This excess causes a similar excess of fully Plastic © 
- moment, Mp}, over the nominal fully plastic moment, Mpo; ¢ calculated using §f 
oy = 33 ksi and the nominal dimensions, | The excess of oyw over the ASTM — 
—_ - minimum of 33 ksi ranged from 7.5 to 26.8 ksi, the average being 16.8 ksi, = 
eed There was some indication that these excesses tend to decrease as the 


The excess of over was always positive, ranging from 8.3% to 
36%, withan average excess of 20.6%. This excess caused an increase in fully 
Paste moment with | respect to My pl of from 0.9% to 13. 7%, the average in- 


from 440 to 830 ksi., with an average of 640 The rate of. change 
of the strain-hardening modulus with respect to strain ranged from -8000 tof 
-25,000 ksi, with an average of -17,300 ksi. 
6 ~For eighteen test beams, ‘the actual My exceeded Mp 41 by from 6,0% to a _ 
53%, the average excess being 28.5%. Actual My exceeded Mp1 for the twelve [ff 
test beams which would be acceptable for plastic design by AISC standards by 
from 28. 5% to 53%, the average excess being 37. 3%. Actual Mu exceeded Mpo, 
_ based onthe nominal dimensions and 33 ksi, by from 36.3% to 96%, the average - - 
7, For these tests of flexural strength, the strengthening effects | of an in- 
"creasing shear and moment- -gradient outweighed the weakening effects, ,contrary 
to some theoretical predictions. 14 Thus, there are corresponding increases in { 
actual ultimate flexural strength and rotation capacity of those “plastic hinges” Po 
in a rigid- -plastically designed structure that have the least theoretical plastic- : 4 
rotation capacity.+ fact is strongly reassuring to users of rigid plastic 
8. The ultimate | moment, My, may be calcualted from the cross-sectional 
and ‘the tensile stress- -strain curves | for the eighteen specimens — 
tested, using Eqs. 4and 5, to an accuracy represented by a standard deviation 
based on Eqs. 5, 6, and 12, and Fig. 6 represented 
relationship between moment and total mens 
fairly closely for all values of moment uptoMy. 
10, These relationships predicted ultimate loads and ultimate-load de- 
- er flection in fair agreement with the results of one test of a simple beam and - 


of a continuous beam, both performed by others.4,6 000 
11, Excessive deflection at ultimate load will probably prevent the utiliza- 
tion of the ultimate strength for many steel structures. Ho However, M-¢: rela- -. 
tionships must be used to evaluate such deflections. 
— 12. The ratio of plastic bending angle to elastic bending angle for constant- . 
ey ‘gradient moments varying from zero to My ranged from 1.50 to 16.7, with an 


average ‘ratio of 8. 47. the test beams that would be for 


a 
6h ranged up to 5.3% with a standard deviationof 2.7%. 
= 
= 
| 
@g 


‘plastic design AISC standards ratio from 6. 36 to 16.7, an 
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a a The following | eymbols, adopted for u use in the paper and ate the guidance of 
_ discussers, conform essentially with “American Standard Letter Symbols tor 
Structural Analysis” (ASA Z10,8-1949) , prepared by a committee of the Amer- 
— Standards Association with Society representation, and < approved by the the 


area of M- diagram ( Fig. 
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WIDE- FLANGE 


elastic- ‘limit t bending moment; —— 


maximum bending moment for. any load; 
* u “plastic bending moment, Eq. 2, using Cyt and and 


q 
7 = fully-Plastic moment using and = 33 ksi; 


fully- -plastic > bending r moment, Eq. 1, using 
thickness of flange at from its s edge; 


vertical al Shear; 


= (Eq. 75 


= distance from centroid of 6 (centroid of area of ¢-L diagram) to nea near 


vertical distance from 1 of cross- 


ertical di: 
first m moment of area ‘of cross- -section about centroid dal axis, desig- 2 


nating all moment-arms as positive; 


© 


= 
=A A followed t by a aquantity indicates deviation n of the quantity (fore exam- 


ple 4d is deviation in n d) 


of A caused by bending deformations; 
= component of 4 caused i by ‘shearing deformations; ye 


= average siti fiber dene in length L at attainment —_ 


of rotation of stiffener at reaction with respect to stiffener 
at center of test beam; 


acon from flange stress-strain curve for a strain of 5 €avgs 


value ot of 6 at attainment of My; 

ie yield stress of flange steel; 


yield stress of web 


curvature 


s 
-elastic-limit curvature; 


= curvature at onset of strain hardening i in outer fiber (Fig. 6); an 


effective curvature for M = = My on M-¢ diagram ( Fig. 6). 
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: | 
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7 Z = 
7 — 
_ €p eo. = strain from stress-strain curve at onset of strain-hardening (Fig. [im 
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By Hardy E. Fairbanks,! A, M. AS 


-  Saestemete bearings have been proven satisfactory and economical for 
use with bridges with girders of prestressed concrete. The primary objective | 

of the research reported herein was to determine whether or not elastomeric 
_ bearings could be used equally well with bridges having steel girders. The 
research consists of two phases. Asurvey of published and unpublished litera- 
ture ‘was made, and correspondence was conducted with a great number of 
_ 7 highway and research agencies, to determine the extent of use and the current 
_ development of neoprene =e bearings. Laboratory tests were e performed to 


_ The results of the survey andthe tests are described in detail in this paper. : 
‘These results show clearly that there is a good deal of interest in neoprene 
bearings, primarily because they offer several advantages over conventional 
rocker bearings. Further, it appears from the limited tests performed that 

_ neoprene bearings ca can b ue used satisfactorily with steel beams, — 


vides the necessary reaction to prevent vertical movements of the structure — 
4 through a uniform transfer of load to the foundation. An acceptable bearing — 


s Note.—Discussion open until May 1, 1962. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. This paper is part 
of the copyrighted Journal of the Structural Division, Proceedings of the American saat 
ciety of Civil Engineers, Vol. 87, No. ST 8, December, 1961. | 


1 Asst. Prof. of Civ. Engrg., The Agric. and Mech. College of Texas, College Station, 


— 
ail ociety of Civil Engineers 
INGS FORSTEELBEAMS 
| 
j 5 
= 


December, 1961 
Y, “device, however, ‘must at the same time allow certain other ‘movements of the 
_ bridge. Expansion and contraction of the bridge girder is permitted by the 
bearing to prevent the development of thermal stresses in the beam. Also, 
i the girder must be allowed to rotate at the bearing to prevent stress s concen- 


trations at the connection of the beam to the bearing. 
There are many types of bearings that will perform satisfactorily. For 


steel girders, a machined steel shoe usually used, However, since the 
addition, in 1958, of specification T2-58 to the American Assn. of oye = 
, way Officials (AASHO) Standard Specifications for Highway Bridges2 (1), elas- 
q tomeric bearings have been used in a number of bridges. In the AASHO speci- — 
. fications, only neoprene is allowed at the present time (1961). Therefore, “ll 
_ research is restricted to tests of steel beams on neoprene bearings. Fig. 1 
a steel beam on an elastomeric ioe ced 
erform. 


HORIZONTAL 
DISPLACEMENT 


STEEL BEAM 


| 


FIG. 1 STEEL BEAM SEATED ON AN 
-ELASTOMERIC BEARING 


The reason for using bearings in| preference to conventional 
, a bearings is primarily a matter of economy. Neoprene bearings ar are consider-_ 
dq ie cheaper, initially, than steel shoes and have a life expectancy estimated © 
at between 30 yrand 50 yr. This seems to be an adequate life for most bridges. _ 
The primary factors affecting the overall cost of a bridge bearing are il 
follows : (1) Cost of the material; (2) seengpeaty of fabrication; (3) installation; 
Initial cost of neoprene bearings is low; fabrication and installation is re 
easy. Furthermore, results of research have shown that neoprene requires we é 
little maintenance, whereas it is well known that steel bearings require con- 
tinued maintenance ‘to prevent Estestoration and due to corrosion, 


ot 
> 
4 
| 
/ 
Numerals in parentheses refer to corresponding items in the Appendix, 
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ELASTOMERIC 
To illustrate trend the use of neoprene bearings, Fig. 2 


majority has used them ‘only with concrete girders. It seems significant, also, 
that of the objections to the use of neoprene bearings were concerned 
with the adequacy of aseprene itself, and not with the basic functions of the 


‘ a" will be equally as acceptable f for use with steel beams as with concrete beams. 
CURRENT :RENT DEVELOPMENT T OF ELAS’ ELASTOM ERIC BEARINGS 
Rubber has been used for many years in shock absorbing devices. The ) 
National was the fir first to use 1 
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FUTURE USE 


‘FUTURE USE IS 
PLANNED 


WITH: 


NOW USED WITH 


CONCRETE GIRDERS | fe 


- 

NOW _USED 

‘STEEL GIRDERS 


PERCENT OF THE TOTAL NUMBER OF ‘HIGHWAY ‘DEPARTMENTS: REPORTING 


FIG. 2. CURRENT USE OF ELASTOMERIC BEARING PADS => 


bearings in 1932 used rubber pads under 
‘metal bearings in several railway alee (2). Much later, in 1948, after a 
series of mechanical laboratory tests, the French National Railway con- 
structed a bridge at Bourget, France, using only rubber plates for bearings — a 
(2). Since then they have built numerous bridges in France and Algeria using _ 
this type “of bearing. From the references available describing the work done 
in France, it is not clear what types of bridge girders were used. ptipnnae 
An 1955, British engineers used elastomeric bearings onthe Pelham bridge, 
a prominent concrete structure, in Lincoln, England (3). In 1959, in Rio de- 


Brazil, a large concrete bridge was mounted on “Freyssi” bearings 


Be 
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(4). The Freyssi bearing is a laminated pad consisting of rubber plates s a, : 
wiched between thin steel stiffening plates. 

_ AASHO adopted neoprene rubber for bridge bearings in its specifications | 

in 1958 (1). The Texas 5 Highway Department was among the first to use neo- 
_prene bridge bearings, and has also published specifications | concerning their 
use (5). These specifications differ somewhat from the AASHO specifications. : 
Charles A. Maguire and Associates (6) made important contributions to the 
field of elastomeric bearings by conducting extensive tests on molded neoprene 

: pads. The pads were obtained from several manufacturers. In these tests, they 

_ determined the physical properties of neoprene andinthe report peerannenied 
eriteria for the design of neoprene bearings. The results and conclusions from 


we oe 


the are summarized as follows: 


bridge construction. report did, however, contain 


The initial cost of a is comparison with the 

_ of replacing the bearing, if replacement should become necessary. For elas-— 

tomeric bearings to be feasible, they should outlast the economic 


+s 


In 1958, A A.M. ‘Ozell and J. F. Diniz (7) reported on n the tatigue | properties” 
of neoprene bearings — under repeated shear loads, They concluded that the 7 
- eritical factors in ‘bearing design are the amount of shear deformation that r 
occur in a bearing. They recommended a maximum allowable shear ned 
tion of 25% of the thickness. 


the properties of neoprene and to establish criteria for designing» 
neoprene bridge bearings. In this publication | sev eral design e examples w were 
California Highway Department, in its Materials and Research Depart-_ 


ment, (9) has conducted further research into the physical properties of neo- 


prene bearing pads. This research has indicated that laminated pads such as : 
the « Freyssi” bearing offer advantages over the solid pad. Some of these © 


1, Reduces the area that may bulge; 


» 
a 2. reduces the total vertical deformation for a given bearing thickness; 


3. permits the use of softer elastomers; and 


4 units of greater total ius permitting the 


a the published literature has to establish the he suitability 
of neoprene as a material for bridge bearings. There are still some questions a 
that remain unanswered in this area. On the other hand, very little informa- 
tion has been found id regarding the effects of elastomeric ee on the design an 
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EELASTOMERIC PADS 


the following objectives were established for the in 
— The primary objective was to determine the stresses produced in the steel 

- beams, to observe the pad behavior, including slippage, and to determine the _ 
effects « stiffeners in beams on the stresses produced in the steel. 


TESTS OF OF ELASTOMERIC ‘BEARINGS 


Ages 
a In the tests, the: primary objective wa: was to determine the effects. of bridge 
loads on both the bearing and the steel girder. Therefore, the tests were 
designed to duplicate as closely as possible actual bridge conditions for sev- 


eral beam and pad combinations. To accomplish this vertical 


7: - were prescribed at the bearing. These values are measured ones; that is, they 
| are independent variables. Fig. 3 shows a schematic drawing of the test beam 


and loading frame positioned in the universal ere machine, The vertical © 
reaction was provided, primarily, by a 120 kip, hydraulic, universal ne 
machine. Center point loading was utilizedinalltests, and the load determined a 
by a Tate-Emery weighing system. For each beam tested, a representative 
design reaction was determined by considering published bridge designs of © 
os the United States Department of of Commerce | (15). This design rea reaction was 
A representative maximum end slope was calculated for each beam and 
-= duplicated quite closely by placing the ends of the beam at different ele- . 
vations, It should be noted (refer to Fig. 3 and Fig. . 4) that the end slope : rela- — 
tive to the concrete block is the sum of three components: (1) The difference 
in elevation of the ends of the test beam. (2) the deflection of the test beam 
and (3) the deflection of the loading frame. Items 2 and 3 were found to - 
; quite small. Thus, a preconceived end slope was used, and this was practically — 
"invariant. total beam rotation relative to the concrete bearing block, 
which represented the bridge bent, was measured with 0.001 in. dial gages. 
7 ae The horizontal movement of the beam was produced by jacking against the 
test frame and the test beam. A 30 ton hydraulic pe was used. 7 total — 
bar with SR-4 gages, Type The ‘cell was calibrated against 
the hydraulic machine, and the results were reproducible. = 
The value of the jacking force was required primarily to determine the total | 
vertical reaction. It can readily be seen from the force diagram (Fig. 
that the total vertical reaction can be easily determined from the quantities 


gata. in the tests were the resulting stresses in the 
steel girder and the horizontal deformation of the pad, including slippage. — 
The stresses | were determined by Baldwin S! SR-4, Type A- 7 strain gages. ‘These — 


of the bridge girder itself. Other arucies both publis ned and unpublished 
— 
| 
— 
= 
q 
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«th, SCHEMATIC DIAGRAM SHOWING METHOD 


BEAM 
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FIGURE 4) 


— 
CG 
| 
— 
— 
4 


stresses” on the ‘top surface of the boasting flange. Longitudinal stresses are F 
those parallel to the beam web. Likewise, atransverse stress is perpendicular — 
to the beam web. By several preliminary tests using rosette gages, it was a 
determined that these are nearly the maximum stresses that occur in the © 
= - beam flange. The stresses were calculated from the measured strains, using Li 
= ; an assumed modulus of elasticity of 30 psix 106 psi. The horizontal displace- 
Pe = ment of the test beam and the unit shearing strain in the bearing were 
— by taking sequence photographs of the beam and bearing pad under = 
- constant vertical load and varying horizontal loads. Due to the non-uniform 
7 oy deformation of the pad, this method seemed to be the only satisfactory one. 
The results, however, should only be considered as correct, 


and many more future tests are ad advisable. 


. | Size | ‘Stiffeners 


9.00 


9. 00 


details of the testing program in Table 1. 


used ed with tn contdence, m more tests should be performed. 

ANALYSIS AND INTERPRETATION OF RESULTS be 
The stresses ina steel beam near a reaction are dined by the type 

“of bearing that is used. In order to determine the effects of the thickness of 

an elastomeric bearing on these stresses, test beam No. a beam with 
‘Fig. 6 show was tested using four neoprene bearings of different thicknesses. | 
a ws. 6 shows typical curves of vertical reactionas a function of the transverse 
— 
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stress. | Curve A was drawn from the test of a 1 in. thick ‘pad, curve B from a 
3/4 in. pad, curve C from a1/2in. pad, and curve D from a 1/4 in. pad. From | 
_ these curves it was nhanenaprnag that varying only the pad thickness, the maximum 

_ The maximum transverse stress in the flange was found to be about: 34,000 
psi when a 30,000 lb reaction was applied through a 1 in, neoprene pad. When > 
a 1/4 in. pad was used, the maximum stress was only 23,000 psi for the same 
reaction. In every case the longitudinal stresses were found to be appreciably 
emailer than the transverse ‘stresses. The maximum stress \ was 


FIG. 7.—TYPICAL CURVE SHOWING THE 
VERSE STRESS VERSUS VER- EFFECT OF STIFFENERS 


TICAL 


~The explanation stresses when thick pads are used 

lies in the distribution of pressure on the bearing flange. The reactive loads — 

are distributed more uniformly when thick neoprene pads are used, causing 

the flange to transfer more load to the web. If a stiffer material were used, | 

such as steel, the pressure diagram would be concentrated more directly — 

under the “web. Although no tests were performed using laminated pads, it _ 
seems unlikely that the thin stiffening plates in the laminated pad would much 
: change this distribution. 1. Thus, it is apparent that high local stresses will 
develop when elastomeric bridge a are used, unless stiffeners or some > 


= 
| 
1. 
longitudinal stresses were also higher when thicker bearing pads were 
— 


Test Beam No. 4 showed that sinha are an , an effective means ns of Fr reducing — 
the beam stresses. This test showed that the maximum transverse stress in 
the beam was only 18,000 psi when the vertical reaction was 30,000 lbs and 
the pad thickness was 1 in. The longitudinal stresses were also reduced when 
stiffeners were used. . Fig. a shows a comparison between the stresses in a 
a beam without stiffeners and the stresses in a beam with stiffeners. Curve A. 
- ‘= shows the results of the test of an 18 W 50beam withno stiffeners, and curve B 
. 4 shows the results of the test of the same beam with stiffeners. a ae oy a 
ee Test Beams No. 2 and3 were tested with 3/4 in. and 1 in. bearing pads ci. a 
The maximum reactions applied were in the range that would be expected if 
> these beams were used in a _ highway bridge. - (15) The maximum transverse | 
“stresses exceeded the usual 20, 000 psi for both of these 


an 


4 
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HORIZONTAL DISPLACEMENT, IN 
: FIG. 8.—TYPICAL CURVE SHOWING THE — EFFECT OF 
HORIZONTAL DISE DISPLACEMENT ON STRESS 
beams. ‘The longitudinal stresses that ‘occurred were not t critical, Because a 
3/4 in. bearing pad is probably the minimum thickness that will be used for _ 
bearings, it is apparent that stresses exceeding the allowable unit stresses 
will occur in the beam flanges unless stiffeners areused. = | 
‘The horizontal displacement of the beam had little effect on the beam 
: stresses. The stresses changed from 5% to 10%, due to the friction force be- 
‘tween the steel and neoprene. The maximum change is limited by slippage, 
because the forces involved do not increase after slippage starts. The tests 
show that slippage occurs when the shearing strain in the neoprene pad is be- 7 
‘ tween 0.28 in. per in. and 0.32 in. per in., provided no attempt has been made 
_ to bond the neoprene bearing to the steel beam. In order to prevent slippage, 
that a value of 0. in. per in. for allowable shear 
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strain” be us Fig. 8 shows the effect of horizontal diaplacement 
_ beam stresses. All the curves in this figure are drawn from data from tests_ 
of a 24 Ww ‘76 beam | with no stiffeners (refer to Table 1, Beam No. 2). The 
bearing pad thickness was 1in. ineachcase. Curve A represents the change in ro 
transverse stress as a function of horizontal beam displacement, when the 7 _ 
reaction was 20,000 lbs. Curve B gives the same information when the 
é vertical reaction was 40,000 Ib. Curve C gives the same information as curve 
_~ except that the change in longitudinal stress is plotted. Likewise, curve D> 
4 . is the same as curve B, except that again the change in longitudinal stress is al 
_ The end rotation w was not varied in the tests, it was held constant for each __ 
beam at a representative value. The tests” showed that the location of the 4 7 
, _ maximum stress is shifted toward the span side of the center of the bearing a : 


_ Also, due- to the rotation of the end of the beam, the bearing pressure was - 


- uniformly distributed on the pad. The rotation used in the tests with Beam > | 
_ No. 1 was a representative value determined from a bridge design in which _ 


4 an 18 W 50 beam was used. (15) In the tests, it was noted that when the pad ro 


‘i thickness was small, - that is, 1/4 in. to 1/2 in., the pad was not compressed 
over its entire area, _ When thicker pads were tested, this did not occur. It —_ 
seems reasonable to expect the bearing to operate better, with less tendency _ a 

a for the beam to slip, if this concentration of bearing pressure on one side is 

4 ‘not permitted. Therefore, a1 a minimum pad thickness of 3/4 in. neoprene ‘should : 4 

be used for elastomeric bearings, 
as described previously, the shear strain in the bearing pad and the dis-— ° 
iene of the beam were determined by sequence photographs for each beam 
_ tested. Slippage of the steel beam on the neoprene bearing occurred when the | q 
shearing strain in the 30 in. per in. It 
= that the 0.50 in. per in. shear 
- Pont Manual (8) is too high for steel beams « on . elastomeric bearings. ‘Slippage = 


of the beam relative to the bearing pad should not be allowed. If slippage | 


if it rolled slightly under the beam. — 


may be used on bridges ui using sizes of beams 


_ 2. The use of neoprene bearings with steel beam bridges would result in 
a substantial savings in cost, compared with that of conventional steel shoes, ws 
provided that current estimates of 35 yr to 50 yr for the life of the neoprene 7 
Permanent in the “flange of a steel girder were found to 
a ime when thick bearing pads were used and the girder had no stiffeners. 
—- 4. When stiffeners were used, neoprene bearings did not cause excessive 
"stresses in, in the steel beams. ns. Therefore, Senetag stiffeners should always be 
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Horizontal beam “displacements the stresses in the 

= = beams. For the sizestested, the maximum change in stress was about | 
Steel beams will slip on the neoprene pad if the shearing strain i in — * 


exceeds about 0.30 in. per in, 


— ‘the conduct of this research, several problems and questions were 
found to be unanswered published literature. Some of these came as an 


ie of Neoprene Rubber.—Two important properties of ae. 


- expressed reluctance to use elastomeric bearings until some research of this 
kind has been published. In atmospheres where saline vapors are present, one 
= highway department expressed concern about the life of the neoprene when | 

£E Sfects of S Stress Concentrations on Neoprene Bearings.—It was pointed out 
in this research that high stress concentrations are likely to occur in the neo- | 
prene bearing when used with steel beams. This is due to the bending of the 
 Saee flange in both a lateral and a longitudinal direction. Stiffeners definitely _ 
Bi ication. to distribute the pressure by reducing the amount of bending that 
occurs. It seems advisable, however, that some research be conducted on the 
‘effects of high concentrations of pressure on neoprene. 
ap Laminated Bearings. —For most bridges on elastomeric bearings, the solid 


+The shape factor is a property of the pad « dimensions and is defined as the — 
ratio of the loaded surface area to the area which is free to bulge. The shape . 
factor decreases as the pad thickness increases. Also, the vertical deformation 
fee a given load increases as the shape factor decreases, Thus, the pad thick- 
ness is limited and, therefore, bridge spans on bearing pads are restricted to 
~ relatively short lengths. On the other hand, laminated pads have the | advantage > 

7 = greatly increasing the shape factor for a given total thickness, This allows | 

elastomeric bearings to be used on longer bridge spans. More information is 
"needed, however, on the properties and behavior of units so 

that specifications for their design n may be prepared. 

Sa Steel Beams and Neoprene Bearings as a Unit. —Steel, when placed on neo- © 

‘prene bearings, tend to crawl or change its relative position on the if 


4 
q 
| 
P 
7 | agencies, Research that may answer some of these questions is being con- i 
| ducted (as of 1961) by several organizations. Stillfurther research appears to 
The properties of neop era- 
The effects of saline veral 
q 
— 
| - -‘heoprene pad has been used. The thickness Of the solid pad must be designed ss 
¥ 
| 


take place with one or a combination of several factors: (1) Light dead loads; 
(2) wince wih on skewed girders; or (3) Relatively long bridge spans; or both. 
In order to use neoprene bearings with confidence some information on methods a ms 
r Design of End Diaphrams onSteel Girder Bridges. ~The stresses that occur — 
ven the end diaphrams of steel bridges are not precisely known. Even when con- | 
_ ventional bearings are used, there is some question as to the amount of lateral — 


‘pate is greater than that of steel shoes, it appears that the design of the o- 
A phram may be more critical than when conventional bearings are used. There-_ 


fore, a theoretical study and an eee ee of the stresses in 


The material for this report was obtained from tests primarily 
by the American Institute of Steel Construction. Additional financial aid was 
by the Mosher Steel Company of Houston, Tex., the Wyatts Plastics © 
Company of Houston, Tex. , and the Oil ae : 
a report is a condensation of a thesis presented to ‘the Graduate School 
of the Agricultural and Mechanical College of Texas in College Station, Tex., in| 
. partial fulfillment of the requirements for the degree o of Master of Science. The 


- _ writer is indebted to Robert M. Holcomb who, as the writer’s graduate adviser, 


helped in planning and executing the research reported. 
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MASONRY DESIGN 


a and construction of Reinforced Masonry Structures. It is not a building _ 
“code. It is an attempt to place inthe hands of engineers an evaluation and cor- 7 


with which it is designed and built. With the advent of reinforced masonry and > 

_ higher allowable working stresses, every step in in design and construction be- 


"SECTION 102- SCO SCOPE 

This: report in general is limited to masonry units of a size can 
handled manually. The use of larger precast units, such as precast lintels, is a 

_ considered only where they are used in ‘connection. with the smaller units, ; 
In so far as possible, it deals in particular with only those materials specif- 
- ically mentioned in the report but states “Basic Principles” so as not to ex-_ 
7 There is no intent to cover the requirements of local building codes. There- - 


fore it is that be studied when building i 
the factors which determine the serviceability of masonry structures, This _ 
report is therefore we to provide a basis for correlating new knowledge -_ 


4 In making this sepect it is one that there are ‘still n many unknowns in 


SECTION 103 - GLOSSARY OF TERMS 


ABSORP TION—The amount of water the unit will absorb when immersed in 


— 104- for concrete units and C 67- ‘tee clay products. an 


vier ge 
LAR MASONRY — Masonry composed of units of burned clay, 
_ concrete, shale, or stone, generally larger in size than brick and 
properly bonded, sawed, dressed or joints: 
laid in mortar. 


BACKUP— That part of of a masonry wall behind the e 


a BAT—A p piece of a broken masonry unit, 


a BATTER— Recessing or or sloping a 1 wall back in successive co courses; the Op- 


posite of corbel. 


P _~BEI ED JOINT—The horizontal layer of mortar on or in which ‘a masonry ur unit 7 
BE LT COURSE—A narrow course of masonry, sometimes slightly eine a 


4 
a _ structures and to guide builders in masonry construction. The serviceability 7 
| of a masonry structure depends to a large degree on the intelligence and care b . 
J 
3 
| 
g 
| : 


BLIND HEADER—A concealed i header in the of a wall, not showing 


Bond— The adhesion to, and/or the interlocking of grout with | the 


Mechanical Bond— Tying together with metal ties: or rel 


Mortar Bond—The he adhesion of mortar to units. 


Running, Bond— Units laid so that the vertical 1 mortar joints are centered | : 


over” the unit below. Sometimes | called center bond, or half bond. 


Stacked ‘Bond—A bonding pattern where no unit overlaps e the one 
- above or below, all head joints form a continuous vertical line - Also 


checkerboard bond. 


BOND BEAM—The ‘course or ¢ courses of masonry with | 
ue, longitudinal bars and designed to take the stresses resulting from 
It ll — 
lateral forces. It usua y occurs at floor and roof leve s. “4 ; 


= BOND COURSE— -The course consisting of units which | overlap those below. 


4 BREAKING ‘JOINTS—The a arrangement of masonry so as prevent 
continuous vertical | joints in in courses. 


Abode Brick—A large clay brick, of size, roughly. molded, and. 
oven or sun n dried. 
Common Brick—A ‘solid masonry unit made from clay or shale, dried © 
and burned or fired at about 1850°F., usually without special attention 


to color, with smooth, textured or designed surfaces, and made in 
Standard Size, Oversize and Modular Size. Also called Building 


clay (5- 1% ‘moisture in molds at pressures of from 550 


Facing Brick—Brick from a controlled mixture of 
ae natural clays or shales only, and specially processed during — 
facture to produce desired colors and textures, in shape 


> 


Fire Brick—Brick made of refractory clay material —— will resist 


_ Norman Brick—A brick w whose actual dimensions are 2- 3/16 in. x 3-1/2 _ g 
a in. x 11-1/2 in. - laying | up three courses to 8 in. in height using 1/2in, | 
Roman Brick—A brick whose actual are 1- 1/2in. x 3-1/2 in. 


xii- 


1/2 in. hy up two courses to 4 in. in brick are 
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MASONRY 
Brick—A relatively soft, underburned brick, so-called becay because 


 Soft- Mud Brick—Brick produced he relatively we wet clay, (20- 30% 
- water content) in molds. When the inside of the molds are sanded, the 
product | is called “sand-struck ” When the molds are wetted to 


‘Stiff- Brick—Brick produced by throwhadies plastic clay, 


BUTTERING—Placing mortar on. units with atrowel before laying. 
_—caviry WALL—A wall built of masonry units so arranged as to provide a 
® ie continuous air space within the wall, Tt The facing and backing (outer | 
ke us wythes) are tied together with rigid non-corrosive metal ties. er 
recess: into to receive pipes, 


_ CLOSER—The leat unit laid in a course. A desenan may bea a white unit or : 
one is Shorter and usually appears in the field of the wall. 


_ CONCRETE M MASONRY UNIT: 


Concrete hollow or concrete ‘masonry unit ma made from 
m 
portland cement and suitable aggregates such as sand, gravel, 
crushed stone, bituminous or anthracite cinders, burned clay or shale, 
pumice, scoria, air- cooled or expanded blast furnace slags, 
with or without the inclusion of other materials. Sometimes called 
Concrete Brick—A solid concrete masonry unit made from 
cement and suitable aggregates, with or without the inclusion of other | 


-block—A hollow unit with one end closed and | the opposite end 


LOSURE—A —A supplementary unit ‘with ith closed ends, used adjacent to 


= Beam Block—A hollow unit with portions depressed 14 techn < or 
to form a continuous channel, or channels for reinforcing steel 


*s "and grout. U-blocks are sometimes used to form Bond Beams. _ 


ee Block—A hollow ‘unit with portions depressed less than 14 inches 


continuous channel for reinforcing steel and grout. 
‘H- -block— -~A aaa unit with both ends open in the form of one- -half of a a 
> “Offset Block—A unit which i is not rectangular in n shape. Usually made. as 


a corner block to the construction modular. 


Open-end Block—A term applied to both H- blocks and A- 


times applied to units with e1 end webs recessed, 


re! Solid Unit—Refers_ to masonry unite in ‘which the vertical cores are 
less than 25% of the cross-section area. (See definition SOLID» 


mz 
| 

4 

| 
| 
| 
| | 
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196 


=a5 aie open. (Usually placed with the open side up to form a continuous © 
COLUMN—A vertical compression member ‘Fatio of of unsupported 


height to least width is greater than four. 


. or units used to acap or finish on a = 


ier or pilaster. 
CORBEL-A shelf or ledge formed by _ successive ¢ 
eae masonry out from the face of the wall. a 


COURSE—A continuous | horizontal layer of 
a 


« 
DRY PACK—A mixture of and with enought 


_ for hydration but dry enough to be rammedinto place. = = © 
-EFFLORESCENCE— -A whitish powder resulting: from the deposition: of solu- 


EXFOLIATION—Scaling or flakii off of the surface 
“a (Tears: ing off of th 


FACING— Any masonry, eee an integral part of a wall, used a 


~ finished surface. (As contrasted to Veneer, see definition). _ 


_ FACED WALL—A wall in which the facing and backing are 50 bonded togeth- 


er that they act as a composite element. 


-FATM MORTAR-—A mortar ‘that tends | to ‘be e sticky ai and adheres to the trowel. bs 


tars. (Varies widely in physical properties.) 

WALL—Any wall which subdivides es a building so as to resist the 
of fire, by starting at the foundation and extending 
« through all stories to, or above, the 
FLOW OF MORTAR—Measure of mortar consistency (sometimes termed 


the initial flow) determined on the flow table described in ASTM 
230. Use of the flow table and method of calculating the flor flow is de-_ 


scribed in Section 9 of ASTM C109-. 


FLOW AFTER SUCTION— Flow of ‘mortar measured after subjecting it to 
: a vacuum produced by a head of 2 inches of mercury. The suction 


FURROWING— The of a ina bed of 


 GROUT-A fluid mixture of portland and water which is 
into hollow ‘cells, or joints” of the masonry walls, to encase» 
steel and bond units together. 
> Laying masonry units so that the bottom edge is set back from 


the plane surface of the wall. Also the of — brick in 
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MASONRY D DESIGN 
. HARD BURNED—A term santnes to clay products which have been fired at 


high temperatures to near vitrification, producing ey low 


and high | compressive 

_ HARSH MORTAR—A mortar that, due to an an improper mixture of f materials, 
is difficult to spread (not workable), 

HEAD JOINT—The vertical mortar joint between ends of semeed units; 


sometimes called the Cross Joint. 


e HEADER—A masonry unit laid flat with its greatest dimension at a wight 


justment of ‘mortar bed joints of the use of supplementary “height 


HOLLOW MASONRY UNIT—A masonry unit whose net cross-sectional area ” 
in any plane parallel to the bearing ‘surface is less than ee of its 


cross-sectional area measured in the plane. 


The process of finishing m mortar r joints ts with at a trowel, Jointei 


SOINTING=T! uishir 


LATERAL SUPPORT-- (of walls) Means whereby walls are braced either 
- _by columns, pilasters or crosswalls, or by girt beams, floor or root 


‘LEAD— The section of a wall built up up and racked back on successive courses” 


at the corner of a building. The line is attached t to the leads a and the e 


pial, is harsh and difficult to 


Quick Lime—A ‘hot or r unslaked lim lime. A A calcined m material, tt the major part 


ee of which is calcium oxide, or calcium oxide in natural association with 
nial 
lesser amounts of magnesium oxide, >, capable. of slaking with water. 4 
. Hydrated Lime—A dry powder obtained by treating quicklime with water y 
enough to satisfy its chemical affinity for water under the conditions 


= of its hydration. The term may be modified by the use of the prefix =, 
high calcium, magnesium, pressure, etc., depending on the exact ; 


ee ; chemical content and method of manufacture. Hydraulic I Hydrated Lime > 
is a different material nd is not generally used in masonry | con- 


x Lime Putty—Quick 1 lime to which sufficient water has been added to make — 


aplastic paste ready ‘for use in mortar. 
Processed Lime— Pulverized quick lime. 
LINTEL— -A beam placed over an opening to carry ‘the superimposed 


fy 
a 
Gg 
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ASONRY _UNIT—Brick, block, tite, stone or other similar building 
or combination thereof, made to be bi be bonded d together er by a cementitious. 


MODULAR MASONRY UNIT—A ‘masonry unit “whose nominal dimensions 


are based on th the 4 4 in. ‘module, 


MORTAR—A ae mixture of cementitious materials, fine ae an - 


mension by not more than the thickness of a mortar joint eis at 


T V WALL—That part of any wall entirely above the roof line. 


ARGING _The process of wits a _ of cement mortar to the back of 
facing material or the face of the 
referred | tor as 


PIER—An member whose ratio of length 
to least width is four or less. 
PILASTER—A_ portion of the wall which projects: on one or both | and 
acts as a beam, a column, or both. 
veg 


POINTING— Filling mortar” into a joint after the masonry unit is laid 


_ RACKING—A method of building the end | of ao wall by stepping back each A 
Poe course, so that it can be built onto and against without ameaen: also 


used in corner leads, q 


i 

~RAGGLE—A groove or "channel in am: ina mortar or ins a special 

a unit, to receive roofing, flashing or other material which is to be © 
4 


"REINFORCED MASONRY— Masonry in which reiagorcement is embedded in 

such a manner that the component materials act together in resisting 
“eas. Reinforced Grouted Masonry and Reinforced Hollow Unit 


2 REVEAL—That portion of a recess which is visible from ‘the face c of a wall 


k tc t 
bac ) the frame the ‘sides of ofthe recess. 


laid on its face edge. Usually in the wall with its 
7 dimension at a right angle to the wallface. Frequently spelled “Rolok.” 


JOINTS— Produced by | placing a unit on a mortar bed and then im- m- 
mediately shoving it a fraction of an inch horizontally the 
mortar in the head joint to effect a 


SLUSHED “JOINTS—Head joints filled after units are laid by “throwing” 


underside ofa beam, lintel or 


— 


— 
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ow semniad® BURNED—A term applied to clay products which have been fired at 

low temperature ranges so as to have 


low 


an Pad 


_ SOLID MASONRY t UNIT—A unit whose net panes ‘sectional area in py 
te hae plane parallel to the bearing surface is 75% or more of its gross — 
sectional measured in the same 


SPALL—A ee fragment ‘removed from. the face of. a 4 masonry unit by a ; 
_ blowor blow or by the action of the the elements. = Joey 


on SPANDREL WALL— That part of an exterior wall above the top of window — 


a in one story and below the sill of the window in the story above. 


STORY POLE—A marked used to heights during the 


‘MORTAR—The procedure of ‘enough mortar on he 
STRUCK JOINT—Any mortar joint which nn boon finished with the trowel. 


TEMPER—To moisten mortar and 1 re-mix to the consistency for use. 


‘Also called p-tempering. — we 


= called withe or wythe. 


wa TOOLING—Compressing and shaping the face of a mortar joint with a spe 


4 cial tool other than a trowel. Also called jointing, 


TOOTHER—A masonry unit projecting from ‘the end end ofa wall against which 
another wall is to be built. 


= TOOTHING— The temporary ending of a wall wherein the units in alternate 


TUCK POINTING—The filling in with | with fresh mortar of cut- -out ¢ or defective 


Pr: 7 # VENEER—A masonry facing which is attached to the wall but not in a: man-_ 


ner to provide composite action under load. (See definition of Faced 


evel - loss of water by absorption to masonry units. Water retention is scale 
culated as 29 of ASTM C C9 91-. 


HOLES—Suitably formed holes or or openings inthe masonry to. 
permit the escape of moisture from the interior of the wall. In re- 
taining walls, a hole through th the wall to to permit wa water to _— through 


| 

SOLDIERK—A unit laid on its end so that its greatest dimension is vertical, 

i 
| 
STRETCHER—A masonry unit laid with its longest dimension horizontal 

4 

— 

— 


SECTION 201 


4 


Reinforced Masonry is composed of masonry units, mortar, grout, 
and id reinforcing s steel. Each of these materialsis itself a combination of : 
elements. Each element contributes toward the serviceability of ‘the 
a and should be selected in reference to the properties desired in > © 
the completed structure. Some materials may the | same name 


tested and appraised in accordance with the ‘applicable standards, — 
as "separate items but combined. Factors which affect the 
tensile and compressive strength and the bond characteristics of the 


201. 2 quatser 


specifications of the American Society for Testing 
= _ For this purpose, masonry units are generally divided into two different — 
_ major categories: (1) units made of baked clay or shale and (2) units 
_ made of portland cement mixed with suitable aggregates. Units in both _) 


of these categories may be solid or hollow. 
_ Methods of sampling and testing clay or shale brick, are indicated 
in ASTM Designations C 67-. These tests consist of Modulus of Rupture, E 
_ Compressive Strength, Absorption by immersion and by boiling, Freezing 
and Thawing, Suction, Efflorescence, Size and Warpage. 
_ Methods of sampling and testing concrete masonry units are indi- — 
cated in ASTM Designation C 140-, C 341-, C 426- and C 427-. These 
tests consist of Compressive Strength, Absorption immersion, 
; “Moisture Content by drying and by relative humidity, and Shrinkage. 
M Methods of sampling and testing mortar and grout aggregates are 


= in ASTM Designation C 270- and C 404-. These include con-— 


mixtures. Tests for water retentivity and ‘compressive strength 
4 cross- -referenced to masonry cement tests, ASTM Designation C91-. 
“4 Some field sampling and tests which have not been published in ASTM 
are recommended in Chapter 5 of this report. 
am a The real significance of any test liesinthe e: extent to which it enables — 

19 us to predict the performance of a material in service. The — 
i: of masonry units in the world probably vary as much as the papers 
~*~ a mortar, grout, or steel, because of the wide variation in the clays, | _ 
aa shales, and aggregates used for their manufacture and because of the 


trols for the cementitious materials, lime, aggregates, water, and 


divergence in manufacturing processes. It is clear that the resulting = 
reliable testing for effective quality | control. 


WYTHE (or Withe) single unit width of 
— 
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MASONRY DESIGN » 
—— properties ‘which have been found desirable in the co = 
tr structure are, compressive, tensile, and shear strength; size, 
uniformity, and dimensional stability; fire resistance, weather tightnes s 
and texture; and ability to adhere to the mortar | and grout. These inter- : 


related properties must work together to give a structure the 1 required “4 


permanence and serviceability, 
_ Compression is the standard test required of masonry units. ‘The a 


principal value. of this test is to control manufacturing processes, , but 7 
it is limited as a means of determining serviceability of the structure. qj 
In clay masonry units an absorption test is often more important than s 
compressive strength. ‘It is important that all of the properties of the 
units be considered when designing a structure. Where there is doubt ; 
2 __ concerning quality, a direct tensile test may be required, as outlined 7 
under the Section on Testing Procedures, or a Modulus of Rupture Test 
may be required as specified under ASTM C 67. 
__ Anticipated shrinkage and expansion of units: in the wall should be 
It is recommended that units used in a reinforced masonry 
wall should have a maximum linear shrinkage of not more than .06 per- 
cent when tested in accordance to ASTM C 426 and a maximum — 
shrinkage of .08 percent from the saturated to oven dry condition as 
outlined in the Section on Testing Procedures. Structural clay products 
have little shrinkage and generally tests are not 


—= 


SECTION 202 - SOLID MASONRY UNITS 
Solid Masonry Units are those units which have less than voids 
n every horizontal cross section. 
202.2 2 STRUCTURAL CLAY PRODUCTS 
a. Clay or Shale Brick should ‘conform of 


Standard Specifications for Building Brick, ASTMC 62-. ai 
Ob. Facing Brick ‘should conform to the applicable requirements of 


ASTM C 216- and Ceramic Glazed Units to the requirements of 


2.3 CONCRETE PRODUCTS 

we = wy a Concrete brick should conform to the requirements of ‘Standard 

Specifications for Concrete Building Brick ASTM Designation 

~ . Concrete masonry units should conform to the requirements of _ 


Standard Specifications for Solid Load- ete Masonry 


“Masonry ‘Units are those units which have more than 25% 
voids in every horizontal cross se section 


oh 
= 
— 
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Units ASTM Designation Cc 90-. 


203.3 STRUCTURAL CLAY PRODUCTS a 


"Structural clay tile should conform to the requirements of Standard 1% 


ie Specifications for Structural Clay Load- Bearing W all Tile ASTM Desig- : 


nation C 34-. 
_ SE CTION 204 - 204 - MISCELLANEOUS UNITS 


“1 GENERAL 


Miscellaneous units an and ‘units which | come the definition 


of hollow or solid units are c considered in this section. 


204. SAND LIME BRICK 
. Sand Lime Brick should conform | to the requirements of Standard 
Specifications Sand- Lime Building Brick ASTM C 


Holl 
up without mortar should comply the for Grade : 
units in Standard Specifications for Hollow Load- Bearing Concrete 
Masonry Units ASTM Designation C 90- except that no requirement 
- should be made on shell 1 thickness w where only the core filled with con- 


crete is usedindesign. 
204. 40 IRREGULAR RREGULAR UNITS 
Many have special types and shapes of which 
9 they promote as their specialty. Considerable engineering judgment must © 
_ be used in deciding their best use in construction, __ | . 
If the units are made of concrete, then the quality of material should oe 
be “at least comparable to that designated for Hollow Load- Bearing . 
Concrete Masonry Units, ASTMC 90-. Ifthe units are made from burned 
a or shale, then the quality should be at least comparable to that a 
designated for Building Brick ASTM C 62-. In addition, all units should | 
3) ra meet the shrinkage requirements suggested under Section 201.2 and be — 
to either a Modulus of testas ASTM C 67 


5 [RECLAIMED MASONRY UNITS 


a Masonry \ units may y be reused when on and in conformity with 
_ the appropriate specification for the type of unit. The ability of mortar — - 
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Hollow concrete masonry units should conform to the requirements 
oi — of Standard Specifications for Hollow Load-Bearing Concrete Masonry 7 * 
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‘MASONRY DESIGN 
lintels shall conform to the requirements of Building Code 
_ requirements for Reinforced Concrete ACI Standard 318-. 


- MORTAR 


Since mortar te. itself a mixture of materials put together at the 
on _ construction site, one should be concerned vay closely with both the 
am avis ingredients as well as the finished product. The same mortar will not 
give the results when used with different masonry units. The 
purpose of mortar is to keep the units apart as well as to hold the 
4 ‘together. The measure of a good mortar is one which provides an ade- 
quate b bond between units, is workably plastic over a period long enough 
to permit the workmen | to position the units, has a relatively low shrink- 
age ware, a high degree of extensibility, is resistant to moisture 


the face ofthe units, pat. 
205.2 2 SPECIFICATIONS 


oe _ Mortar should conform to the requirements for Mortar Type M or 


be noted that under ASTM C 270- Mortar is not required to meet both 
property the proportion specification. The ASTM 


af 


205.3 FIELD rests 


Mortar” as used should have a ‘minimum: compressive 


. Sof Specifications for Mortar for Unit Masonry ASTM C 270-. It should | 


less than 1500 psi at 28 days. This specification is one that should | 

a alway s be met where field tests are required and when they are con- 
y 

ill ucted as specified under the Section on Testing Procedures. a 


205.4 FLOWOF MORTAR 


tested in the ASTM § Specification Designation 


= 109 masonry mortar should have aflowof 110 percent minimum, U > 


der field conditions this flow should be between 125 percent and 135 per- 


aumy Glossary of Terms of this” report is a more definite and important 
_ measure and should be not less than 75 percent. ie 


~~ Grout i is that material used to fill - the interstices in masonry and 


i 
q 
ould be as soit 
ithout smearing 
a 
a 
q for 25 drone of the flow table blow alter suction as delined In 
: 
generally provide bond betwee IMtOrcing steel, the and tie j 


Grout should be by volume of one part portland cement and 
three parts sand, to which may be added not more than one-tenth part S 
_ lime putty. In grout spaces in solid unit masonry two inches or more in . 
_ minimum horizontal dimension, and in grout spaces in hollow unit ma-_ 


: 
ne should be sampled and tested in n accordance with the p proce- 7 
dures recommended in Chapter 5 of this 


AGGREGATE FOR GROUT vay 
; 


Aggregates for grout should meet the requirements of S {Specifications 


a Reinforcement should a free from rust scale or other coatings sthat 
will reduce bond and except for bars one- -quarter inch or less in. dia- 
meter should conform to the requirements of Standard Specifications _ 

_ for Minimum Requirements for the Deformations of Deformed Steel Bars 
for Concrete Reinforcement ASTM 

Reinforcing bars should conform one the Standard 
ASTM A ASTM Designation A 16, 


CHAPTER 3~- CONSTRUCTION 


301.1 WORKMANSHIP 


In masonry construction large members are constructed with small 


units, and the importance of each unit as part of the whole, each mortar 
_ head and bed joint cannot be 0 over emphasized. 


is 


—— units. It should contain enough water to flow freely without segregation &§ 
4 
4 
sonry ur ihches OF More i No Onital Te 
should contain two parts of peagravelinaddition to the above mentioned 
proportions of cement, sand, or lime putty. Grout should test 2000 pounds 
per square inch in compression at 28 daysof age, as determine ‘ by the 
— 
— 
4 
q 1s: ASTM Designation A 82-, or ASTM Designation A 185-. ff 
— 


¥ 
MASONRY DESIGN 101 


avery part of the work should be executed in the best 
ene in accordance with accepted good practice of the trade andin _ 
full compliance with the applicable building ordinances. = = = | 

a All masonry work shouldbe plumb, level, straight and true to dimen- a 
nol shown on the plans. The work should start, where feasible, at a 
oe least important corner or wall. The masonry contractor should request 
pore an early inspection of the work by the architect or engineer. All pattern 
work, bonds or special details and reinforcement indicated on the draw- 
ings should be accurately and uniformly 


a It is essential ‘that the engineer meet with the ‘general contractor, 


the inspector and the at wart of the and 


‘should have : special inspection. 
_ The inspector should not presume to interpret the Gttenenoee be- 
tween the plans and specifications, nor should he assume the prerogative 
ng or responsibilities of the designer. Inthe design, consideration has been — 
‘ . given to the nature of the building, its use, the materials in its con-_ 
struction and their lateral force ‘ce resistance and only the designer 
_ When special inspection is required, the inspector should remain — 
on the job at all times when work requiring special inspection is 
: = progress. The inspector | should be in the employ of the Owner, never | _ 


The architect or engineer should supervise the work. of the inspector — 
— should be responsible for the proper performance of his duties. In © 


of his responsibility for the activities of the. inspector, the archi- 
4 tect or engineer should verify carefully the inspector’s qualifications 


Pe Fhe inspector should have all the materials tested as directed by the 7 _ 
4 architect or engineer and in accordance with the specifications. The 
_ inspector should make all the field tests as directed by the architects _ 
oe te engineer in accordance with the specifications. Extreme care should © 
be used in making field test specimens using accepted techniques which © 


a are not necessarily the same as laboratory procedures. (See _— on f 
_ Due to possible variations inthe unit sizes which bonding 
and mortar joint sizes, the inspector should work out deviations with te 

mason contractor before start of the work. 
— a The inspector should see toit that allthe work is carried out accord-_ 
a: to the plans and specifications. If the inspector deems the work — 
improper he should report to the foreman and not to the mason. If the — 


work is in flagrant violation of the plans and entail it should 


4 


— 
— { 
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Where the adequacy of the soil for a ta 


in expansive soil or unstable ground, provision should 
made for differential movement of the soil relative to the beam and a 
302.2 "REINFORCEMENT > 
x _ Masonry construction is sensitive to foundation and soil mwemente. ‘a 
eS In all soils which are expansive or unstable in| character, where there is 


change in-soil structure, or where vibrations may occur in the building, La 4 


a where there is a question of possible differential settlement, special 
should be taken to reinforce footings against such differential move-_ 


ay re reinforcement should be kept clean andin proper od 


od coverages are noted in ACI Standard 318, 


sos 


Dowels from the to the columns, pilasters should 
7 be accurately placed so that the reinforcement will be in proper position - 
E — to be fully encased in grout in accordance with the plans. Dowels cout ' | 
Every e' effort should be made for proper alignment of dowels in hollow 
hena foundation dowel does 
re ol not line up with the vertical core to be reinforced it should not be bent 
; over, but should be groutedintoacorein direct vertical alignment, even Fj 
_ a though it is in a cell adjacent to the vertical wall reinforcement. In all 
- - masonry the dowels should not be bent more than a slope of 1 in ane 
302.4 DEPTH BELOW GRADE i 


The depth: of ‘the bottom of the foundation shout be as shown 


‘but in any event not than 12 inches into undisturbed natural 


"302. 51 ‘TIME BETWEEN PLACING FOUNDATION AND STARTING MASONRY 


_ on — The ‘minimum | time between p placing foundation and starting masonry 


7 ’ dt should be when the concrete has attained reasonable strength, but never 


a a less than an 48 hours to to allow for strength and initial senage of the 


_ For foundation beams such as between piling, etc., the time lapse 


before starting should be the architect and the 


|) 
302.1 SOIL TYPES | tA 
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302.6 TOP OF CONCRETE FOUNDATION ‘_ 
ihe > Horizontal concrete surfaces that are to receive masonry should be 
» oe lean, damp, with the aggregate of the concrete exposed to assure good 
bond between mortar and grout and concrete. Alllaitance should be re- 
_ moved as roughness in itself is not indicative of good bond. rae 
a: For grouted solid masonry u units, the first c course on each side of a 
' wall should be laid on the concrete, taking care that the first mortar | 
fun) bed joint does not extend into the grout space. Then this full course | 
should be grouted to a point about 1-1/2in. below the top of the course. 
_ Grout space as here mentioned means the inside lengthwise vertical — 
_ joint between two or more tiers of brick, also called the grout core or 


- dure would be used also. In hollow units the grout space is the space 


Footings of be to small structures such as 


and one story buildings. Such footings shouldbe cured for not 
_ less than 48 hours, before proceeding with construction, = = : 


Masonry units should be stored in a dry place. and off the ground, so- 
that at time of laying, all units should be sound and clean. Masonry units © 
» stored directly on the ground are hardtoclean and may absorb salts or 


substances which may have a deleterious effect on the masonry. 
| 


or Shale Brick or Structural Clay Tile. 7 
At time of laying, all units should have sufficient moisture conte! a 


so that the rate of absorption will not exceed 0.025 ounces per square — : 
inch during a period of one minute when placed in 1/8 in. of water. The — 

interior of the unit should be wet andthe surfaces only damp when laid. © 
This is to. control the rate of absorption (suction rate) of the units sto 


prevent rapid deletion of the. water from the mortar or or — e. 


Conerete’ should not be wetted before except 
in hot dry weather when the bearing surfaces may be slightly moistened _ 

4 immediately before laying. wetting of concrete units causes slight 
expansion and subsequent shrinkage upon drying. ae 


— 
a 
30 
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303-1 STORING AND HANDLING 
4 | 
| 


pce _ Where masonry —y cutting is necessary, all ous should be neat ie 
« and accurate. 2. Except for _— cuts units should Ibe cut with a mechan- 


‘Where units of different physical properties or composition are 
used in the outer wythes or tiers of grouted masonry, | care should be 
~ exercised to see that the rates of absorption or suction of the units are | 
= so that the grout will bond equally to each wythe or tier, | 
“kc and that other perth which etter do not cause excessive differential al 


1 VERTI TICAL LOADS DURING. CONSTRUCTION ON 


All horizontal load bearing members adequately shored. 
‘In no case should shores and forms be removed until it is certain a 


the masonry has hardened sufficiently to carry its own weight and all 


a of suitable control tests may be used as evidence that the masonry has a 
attained such sufficient strength. Plastic flow, incipient damage, and 
deflection should be considered ‘when determining | the to remove 


addition to the foregoing strength requirement the following 
“nae _ arbitrary elapsed times are recommended. Vertical side forms where _ 
used for sides of girders, lintels, etc., ., Should not be removed for 48 _ 
hours. Shoring under girders, beams, ‘lintels, floors, etc., should not be _ 
_ removed for 10 days, and then only ifthe grout or concrete has hardened — 
_ ‘sufficiently to prevent injury. At least 16 hours should elapse after build- : 
ing masonry columns or walls before constructing afloor or roof which 4 
is applied as a uniform load, and atleast an additional 48 hours should ~ 
elapse before applying 3 a load, such truss, girder der or 


4.2 LATERAL LOADS DURING CONSTRUCTION 


about 25 times the thickness. is the e maximum safe unsup unsup- 
wah ported height for solid unit masonry walls, and about 18 times the ar a 
ness for hollow unit masonry walls, without bracing. Walls exceeding © 
aan these heights should be adequately braced against wind and other forces 

design in ll with national 
and local safety rules and should not be overloaded by concentrations of 
_ material. A design of 100 pounds per square foot is considered —— 

for | the platform on a mason’s scaffold. 
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$05.1 MIXING: 
All proportions should be by reasonably accurate weight 
or volume measurements at the time of placingin the mixer, and should 
_ be mixed in a mechanical mortar mixer. The mix should never be less 
than a multiple of sacks of cement. When less than one sack of cement 
is u: used, extreme care should be usedin accurately measuring all parts. 


A paddle type mixer is preferred because it produces a more intimate 


longer | period of time, ther -eby reducing the : need for re-tempering of 
_ Mix water, sand and cement for two minutes; then add the lime putty : 
at oO” hydrated lime, if used, and additional water and mix for not less than | 
ten minutes. Make and maintain as highaflow (water content) as possi- 
ble, consistent with good workability and freedom for smearing the face - 
of ‘masonry work, One way to control the mortar mix is to measure } the 
slump using a truncated cone 2 in, x4 in. x 6 in. high. Proper ‘slump — 


— 


305. 
— cen ‘should be incorporated into mortar unless it has s been 


_ demonstrated by authoritative tests that it will not decrease the strength 


a the approval of the architect or engineer. Generally admixtures for con- 
‘o - erete are used to reduce the water content and have a definite effect on 


for their effect on bond with masonry. 


approved the or engineer and should be accurately measured 
for each batch of mortar. Additional mixing time to produce an even — 


ae ‘For bed joints s the mor mortar should be spread in length only to the | 
oe extent that it will still be plastic when the last unit is placed upon it, ba 

. thus assuring adequate bond between the mortar and the upper masonry 
unit. The length of mortar spread on the bed joints depends upon a 
water retention of the mortar, the rate of absorption of the ama at 

time of laying, and weather conditions. 
For concrete masonry units 8 inches or so in height it is very diffi- — 
cult to place head joints on the units and to place them immediately in) 


position because | the mortar “often does not adhere to the vertical hoo 


of the units, It is good practice to set several units on end and apply the > 


in then lay the units in the same 


— 
— 
|. 
— 
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boards should be adding 


mA water within a basin formed with the mortar and the mortar re-worked 
tate the water. ‘Harsh, mortar should not be re-tempered 


SECTION 306 - - GROUT 


a mixer. “= should be used in measuring all the 
parts. The mix should never be less thana multiple of sacks of cement, | 

When less than one sack of cement is used, d, extreme care should be ¥ 
in accurately measuring all the 

The water, sand (and pea gravel if used,) and cement should he 
mixed for not less than ten minutes to a fluid 
means, wet enough to pour without segregation or bleeding, 

_ For large cells, such as may occur in hollow masonry units, = 


approved by the engineer. 


admixture into grout unless i it has been 
3 metal by authoritative tests that it willnot decrease the strength © 

“of bond to masonry units or to reinforcing steel. No admixture should 

e used of the or engineer. 


— 


tion aetare being placed. All interior grout spaces should be filled ell 
grout. and immediately puddled or swished with a stick or rod (not a 
sufficiently to cause the grout to flow into all interstices between 


any grout contacts the finished masonry, it should be removed — 


ately andthe surface cleaned. 


In masonry which is more than two (2) tiers in thickness, including = 4 


‘pilasters and columns, the interior should be of whole or half bricks . 
placed into grout with not less than three-fourths (3/4) in. of grout sur- 
y rounding each brick or half brick. All grout should be stopped one and 
7 one-half (1-1/2) in. below the top of both outer tiers, _ except at the finish a 7 


- course. Before placing the next lift of grout the joint should be cleaned. — 


Where necessary to stop off a longitudinal run of i masonry, it should be — 


(305. 
| re-tempered with water as required to maintain 
parts should be determined by accurate volume measurement at 
| | 4 
— 
@ 
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_ MASONRY DESIGN 


ping the grout four (4) by back | of the rac i x 
8 
olloW UN asonr 
Mortar “fins” protruding more than-3/8 in. from joints should be 

moved before pouring grout. The minimum continuous clear dimensions 

of vertical cores or grout spaces should be 2 in. Where pour heights are 

in ‘excess of 8 ft the minimum core ¢ dimension should be in. Provide 


pour heights are in excess of 4 ft, grout should be in 
‘lifts of 4 ft maximum for the complete length of the continuous wall | 
section under construction allowing at least 30 min for settlement of | 
_ grout before pouring the next lift. Grout should be rodded or puddled dur- __ 
i ing placement to insure complete filling of the core. When grouting is E 
stopped | for one hour or longer, t the grout pour should be » Stopped» 
1-1/2 in. below the top of a masonry unit. 
_ Horizontal beams may be built of hollow unit masonry, using chan- | 
nelled units to permit horizontal reinforcement to be placed in 
_ desired position. The top of unfilled cores below such horizontal beams — 
_ Should be covered to confine the grout fillto the beam section. No mate- | 
rial should be used which destroys the bond | between courses. Grouting F 
- of beams over openings should be done in a continuous operation. All a 


Solid jolid Masonry 7 


The grouting op operation may be done in one or more » passes and = 
Bes ‘ae height should be from the center of one course to the center of another 


cyl It is advisable to do this i in order to prevent rotation of the brick 


PP oad tier should be carried up not more than twelve ee: 


=< least dimension, and where "special construction z are reused. An example o of “_ 


fornia 
Hollow Unit Ma asonry 


dimension with a maximum pour height of 12 ft. Pours should be stopped 


as 1/2 in n. below the t op of of a course to form a key at pour joints. 


a 
5 ae when the pour height is in excess of 4 ft. When cleanouts are required [im 
me 
| 
a | :  - should be puddled in place to insure complete filling ofcoresand @ 
| 1 
‘(44 before placing the 
| 
my — 


plete filling of the core. This releases trapped : air and to 
bond between the reir forcing steel and the grout. 


In columns © or pilasters. fillers of brick: should be “floated” 


11/2 2 in. down it into ‘the 
Hollow Unit Masonry 


Aloe When concrete is used in columns or pilasters it should be placedin _ 


307.2 BENDING 


' injury to the material. All kinks or bends in the bars caused by a. 


incident to delivery should be ‘Straightened | before and 
3 injury to the material. 


307.3 om 
‘Splice: 


the strength of the member will not be reduced. Lapped splices should 
_ provide sufficient lap to transfer the working stress of the: bars by bond — 


- ‘The minimum clear distance between parallel bars ante in columns 
Should be equal to the nominal diameter of f the bar. 
solid unit masonry, vertical reinforcement should be accurately 
pe placed and held rigidly in position before workis started. Mechanical de-- 
3 vices should be used to maintain correct position. Horizontal reinforce- | 
may be as the work progresses. 


- 


= ment should be accurately placed and should be held in position at top and _ 
_ bottom and at intervals not to exceed 192 diameters of the reinforcement, 


forcement may ‘be placed as the work progresses, ‘Corrosion resistant 
ae fabricated welded wire mesh may we used in horizontal joints fully y em- i 


&§ — 
before being placed, all reinforcement should be free from loose 
that would destroy or reduce bond. = 
— | 
On noints and in 2 manne q 
if uced chould develon the ctrenoth of the 
4 
— 
q 
4 
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al For wall + the thickness of grout between masonry units 
and reinforcement shouldbe not less than 1/4 in. In beams, girders, etc., 
- the clearance around the reinforcement should be not less than one-half 
ee of the bar diameter, with a minimum of 1/2: in. or the maximum size of 
aggregate, whichever is greater. Reinforcement in horizontal joints 
_ should be kept back at least 1/2 in. from the face of the masonry. 3/16 in. 
maximum reinforcement may be used in 3/8 in. mortar joints. 1/4 in in. 


may be ‘used in 1/2 in. mortar 


— 308 - §-ALIGNMENT 


308.1 CONTROLLING JOINT THICKNESS 
eet se Proper use of a story pole with a tight stretched line should be used 
to provide control of joint thickness. Nylon line is recommended es “is 
masonry work should be | plumb, and true to dimen- 
Pe _ sions shown on the plans. Masonry should not vary more than the ek 
ness of a a mortar joint nor than in a from plumb in each 12 ft a 


All hollow unit masonry should be built to preserve t the unobstructed — ? 


vertical continuity of the cores which are be filled. 


SECTION 309 - BONDING 


309.1 RUNNING RUNNING 
wr In running bond or bond or 1/2 — vertical joints occur at center - of atretch-. 
at tie In grouted masonry, , headers s should not be us used since ‘the bonding is: 
accomplished by means of the grout. 
— - Bond of masonry ‘units ina single wythe should be provided by si ellie 


units in successive vertical courses, 


Where bonding is not shown on the plans the bond shoul ‘consist 
one vr stretcher courses plus one header at corner in alternate courses which | - 


would result in off- set bonding where the length of the brick is more a4 
twice 


_ One-third bond or one-quarter | bond is considered off-set ‘bond d. 


a Masonry which is laid in stack bond should have the center Mase < of” 


~ vertical joints plumb. In addition to this face brick should be laid — 


sts MASONRY DESIGN 109 
When mechanical devices are used to hold reinforcement in p 
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oa width of joints, and brick in each separate ‘stack’ should not vary m ae 
than 1/8 in. in length, but the ‘separate ‘stacks’ ‘may vary in width. 
~ _ For hollow masonry units where stack bond is indicated, bond beams — 
or approved horizontal joint» reinforcement be provided asa 
Joint reinforcement usually consists of two #9 wires, which 
_———- tied together at 16 in. maximum o.c., in alternate horizontal joints 
a \’ re — in. 0.¢. . vertically). Bond Beams should be placed at 48 in. on rool 
maximum where no joint reinforcement is used. Where open end units 
are used bond may be provided by solid grouting. 
309.4 RACKING 


Racking i is a antes i of ‘building the end of a wall by stepping back 
ae course, ‘so that later work can be built on to it and against it without — - oO 
toothers. Racking is also used in corner leads. 
ne walls are racked, such as at corner leads and temporary con- — 
Ss openings, the grouting procedure should be the same as for 
“a continuous walls. In order to dam the grout at the rack, a brick should be 
- laid across the grout space and the grout should be held down 1-1/2 in. 7 
¥ from top of each course. This brick should be removed after the grout 
peas ‘Racking should be held toa minimum. Care should be taken that leads 
_-—s at's corners or openings are not too high (normally not over about 6 _ 
courses). Racking should never ‘permitted in wall sections that 


TOOTHING 


- joints are solidly filled with mortar when shoving the units into place _ 
since the mortar is apt to be scrapped off when this is done, It is = 
to use a tool to make certain that the mortar is compressed into these 

connecting joints. In brickwork the toothed wall should be be- 
fore the new \ work is laid. 


[ECHANICAL 


Re. Mechanical bonding should be obtained by use of corrosion resistant : 
metal ties laid in the horizontal mortar joints. Such ties are required — 
_when the grout pour is in wall construction of wythes where 
the width exceeds 2 in. or the height of the grout pour exceeds 12 in. 


Metal ties together be | placed at 12 in. maximum 


| 
1 
4 
4 
Toothing is the temporary ending of a wall wherein the units 
courses project in vertical alignment. Toothing should nq 
mitted except when approved by the architect or engineer, 
— In construction of new work against masonry which has beg 
— — 
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310. 1 BED 

Bed should have sult have mortar to solid 

ment of the units such that extrusions intothe grout space will not exceed 

~ Solid Masonry Units wits 

By Mortar in all bed joints should be held back 1/4 in. from edges. of 


Bed joints should not be furrowed. . All brick should be shoved at least. 


units ts should be laid plumb with full face shell ‘mortar beds. Cross 


a . adjacent to vertical cores which are to be filled with grout sho should 
aft 4 be fully bedded in mortar to prevent leakage of grout. 


He joints should have sufficient mortar to fill | solidly the joints « 
SS units ouch that extrusions into the — will not 


7 ' as specified or shown. Head joints specified or shown to be less ie 
5/8 in, thick should be solidly filled with mortar as brick are laid. Head © 
joints 5/8 in, or more in thickness may have mortar sufficient only to 
damstoretainthe grout, 
In hollow unit masonry, allhead (or end) j joints ane be filled i 


| 


wh mortar for a distance infrom the face of the unit or wall of not less" 

Oo - than the thickness of the longitudinal face shells, In beams and girders, 7 
hea joints should be solidly filled. This may be done by adding enough : 

mortar t to each edge to fi fill to the center when shoved position. 


Where walls ; are re of three or more wythes, the two. outside wythes 
 daid and the grout should be poured in the grout space in the customary > 
7 _ manner, Immediately brick should be floated into place by pushing th the 
 -_™ an inch to an inch and a half down into the grout. 

on Where grout space is more than about ay in. ‘in. in width, brick = nee 
of 


brick may be embedded into the grout. 
unit masonry the interior cross joints surrounding colts 


‘MOVING UNITS AFTER PLACING 
_ Masonry units should not be moved after they ane san in intimate 
‘contact mortar, ‘It is permissible totap the units downward, but 


> 


5 from the grout space. Use extreme care tokeep mortar droppings out 
: 
| 
"1 
tex 
| 
q 
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not or this the Nothing breaks the bend 
more certainly than moving the units after laying. = | ‘ 
:. — units are required to be moved for leveling or alignment they a 
; i should be removed, cleaned of all mortar and reset in fresh mortar. 
Exterior be with a tool jointer while the mortar 
is ‘thumb print fresh, compacting the mortar into the joint and against an 
i tee masonry units with firm pressure. All tooling should be done with a " 
a clean, preferably stainless steel, joint tool, with | the same size and type 


_ used for the whole job as specified. 


; _ Joints not exposed to the wenter may be either tooled or struck with 
Joints of masonry to be plastered may be cut flush, 
. _ Where joints are raked, the raking shouldbe immediately followed by 
_ tooling with a flat jointing tool. Deeply raked joints, weeping, or squeezed 
or extruded joints are difficult to waterproof and should be with 
. ‘Joints should be tooled with a jointing runner 2 ft long, pressing the 
excess mortar out of the joint rather than dragging it out. 
310.6 JOINING NEW AND OLD WORK 


The it intersection of new .w and old ii should be adequately bonded and 
-doweled te provide for of the masonry. 


_ Where fresh masonry y joins masonry that is partially s set or et or totally 
set, the exposed surface of the finished masonry should be cleaned with 
a wire brush and dampened when necessary to obtain the best possible 
_ bone with the new work. All loose masonry units and mortar should be 

_ removed, The grout should be poured to a point about 14 in. below the - 


“top: of the course. Construction Joints ‘should not be permitted in any 


The projection for each course - ina corbel should not exceed one ee 
and the maximum projection should not exceed one-third of the total 
thickness of the wall when used to support structural members , unless: 
— designed detailed, by the engineer, asto method of 


struction, 


SECTION 312- _ CHASES AND RECESSES 


al 


Chases and recesses in masonry walls ‘should not be constructed so 
as to” reduce the required strength, thickness or fire resistance of the 


— ber, 1961 _ 
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ST 8 MASONRY DESIGN 


an 
Chases and recesses should be designed and constructed as openings. 
wood nailers should not be inserted walls. Metal nailing 


= 


Wood beams and joists should not be in masonry 
rte i. Where this is required the design of the wall should take the wood ' 7 
into consideration and pockets should be provided with proper 
SECTION 313 - -ARCHES AND LINTELS 
over openings ngs should be of reinforced or 
> a. Masonry arches with sufficient abutments may be used to support ma-_ 


No wood members or oes ; that deteriorate with time | should b be 
us used to support mas 


SECTION. 314- WALL THICKNESS 

J rots ‘The thickness of a ¥ wall is made up of wythes of brick and grout or 
face shells and grout and for arbitrary and nominal dimensions is called n 


to the nearest inch, In design the actual thickness should be used. 
Consideration should be given to the reduction of wall thickness such | 


would be caused by raked joints. wo 


: SECTION 315 - ADJOINING CONSTRUCTION 


315.1 1 JOINING CONCRETE | AND MASONRY 


Wherever feasible the be poured against 
and adequately dowelled. Where the masonry must be placed against the 
concrete extreme care used ng, oF bolt adequate t bonding of the 


315.2 2 JOINING STRUCTURAL STEEL AND MASONRY. 


Where structural “steel c columns are to masonry, 
om be a space of one inch clearance to be filled solidly with mortar 
to allow for steel tolerances, or with an n expansion joint material where — E 


the masonry by bolts, ‘extending past vertical reinforcing, and through | 
_ ‘Staggered slotted holes in column flange, or by plates welded tc to — 
holes for horizontal reinforcement, or similar detail. 
_ tabeteng structural steel columns partially in masonry is not rec- | 
ommended, unless special reinforcing is provided, and a 
joint is provided in the masonry at this point. 
Structural steel columns entirely within masonry are re usually con-— 
= by dowels welded to columns for horizontal reinforcing, Where 
the steel column is larger than the core in hollow unit masonry and is — 
"within 3 in. of the face of solid unit masonry walls, construction — 
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masonry 
os as the work progresses and should be thoroughly embedded in mortar or 
anaee grout. When more than 2 bolts occurina group templates should be used. _ 
Bolts vertically in walls, ‘pilasters, columns should be set 
ke inside horizontal reinforcing steel or ties and should not be placed 
: closer than 3 in, from the face ofthe masonry. . All vertical bolts should © 

— _ Horizontal bolts should be embedded as shown on plans, but not less” 
Ss two-thirds of the wall thickness. In hollow units, horizontal — 


315.4 PIPES AND 


pipe or r conduit should be embedded ina any structural masonry or 
‘required fi1 fire protection. 


Ri Rigid electric conduits may be euboene in structural jmasonry when — 
he Any pipe or conduit may pass vertically. or through any 
ine Su masonry by means of a sleeve at least large enough to pass any hub or © 
: coupling on the pipe line. Such sleeves should be placed not closer than 
three diameters, center to center, nor should they unduly impair the _ 
Strength of construction, and their location should be detailed on the 


5. 5 BEARING PLATES ris 


rer Beams, girders, or other concentrated loads 1 supported by a a wall, 


Metal bearing plate or a continuous reinforced masonry member may be - 
_ used to distribute the loads along the wall. Bearing plates larger than - 
¢ required for design stresses are often needed to provide for a 
497 Solid dry pack should be used under bearing plates. ited 


~ 


“ey ‘The jambs, heads and sills of masonry openings should be ee 
“from damage during construction, especially where workmen, Sa 
or equipment are apt to pass through the openings, = = 
Window door openings should be braced during construction to 
aba 
. prevent movement. _ Window and door frames should be anchored — 
ata spacing of 24 in. on center, Anchorage of metal 


315.3 BOLTS AND ANCHORS | 
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_MASONRY 


should be to protect the of the m: masonry from 
being “smeared or splattered with mortar, grout, or splashings from 
scaffolds; should this occur, the faces should be immediately cleaned : 
the mortar or ‘grout has set. 


, should be protected 


‘The tops of all unfinished masonry should from rain 
snow, or other foreign 1 material. 


permitted by the architect or engineer, 
All forms should be made tight (special attention is iii for 
bottom form of block bond beams) and concrete and grout spilled on all 
all should be washed off before itcan setup. 


ge walls poy not be wetted down after construction is com- 
pleted, except in extreme hot weather when the walls should have their — 

£ dampened with” a light fog spray for a . curing period of three 


days such that the water does not run down the surface. There is more 

enough water in to hydrate the cement 


the water | is retained. 


916.3 FREEZING 


Adequate equipmen nt should be provided ‘tor heating the masonry 
= and protecting the masonry during freezing or near freezing 
weather. No frozen materials nor materials containing ice should be 
‘Sand ‘should be heated in to remove frost or ice. 
a ‘Water or sand should not be heated toa temperature above 160°F, ‘When 


necessary to remove frost, the units should be heated. 

a Whenever the temperature of the surrounding air is below 40°F., 

7 all newly constructed reinforced masonry laid in mortar, in which ' 
_high-early-strength portland cement is used, should be maintained at 
a temperature of at least 50°F for not less than 24 hours by means of 
enclosures, artificial heat, or by other protective methods as will meet 

: - the approval of the building official. When any cementing material other 7 
than high-early-strength portland cement is used, these temperatures 
"should be maintained for at least 72 hours. 

4 All methods and materials for the protection of the fresh masonry _ 
work against freezing ‘should be Subject” to the approval of t the local 


oe as suitable for the protection of reinforced concrete construc- _ 
i tion in - freezing weather should be used, Salt or other chemical for 
a * lowering the freezing temperature of the ‘mortar: should not be used. 
Calcium in excess of percent by weight of portland cement 


us 
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aici construction or immediately after completion of a section of 
‘masonry all line pin holes and any defects in masonry jointing and also | 
_ connections to other materials waged be carefully and solidly filled with 


ere cap or some other means must be used at the top of a wall to sian 
trating d into the i all. 
water fr penetr: ra ating own into the of wa 


Aa 


POINTING 


SAE 


Open be pointed intwo 
‘= oor and the next day the joints should be completely filled =a 


with the the remaining water. 
CLI LEANING» 

the ‘completion of masonry work, the should clean 
all masonry work, remove his scaffolding and equipment, clean up all 
debris, refuse and surplus material and remove themfrom the premises, | 

_ Cleaning of masonry should be done about 10 days after the comple-_ 
‘To: remove mortar or cement stains, wash with ws siden ‘then while > still 
wet, scrub with a non-metallic brush witha10 percent muriatic acid and | 
water solution, then » immediately and thoroughly wash again with clean 
water. Extreme care must be used to prevent this acid solution from 
“contacting dry brickwork, and thus prevent possible 
Acid washing should be used on clay ‘brick. 


at 


-— + 


aa After masonry is thoroughly dry, all exterior —— masonry may be 


sandblasted sufficiently to remove all mortar, grout or other 
— to produce a uniformly clean surface. Other work should be 


protected from directly and from sand re- — 


Where’ efflorescence appears newly constructed masonry no 
tempt should be made to remove it until the masonry has become rea- : 
sonably dry. Under certain conditions of temperature and humidity such 

efflorescence will disappear in the matter of a month or two. ‘Efflore-— 
‘scence has no effect on the strength of masonry. ne ee 
_ If the joints are properly tooled such efflorescence can be frequently 
wv emoved by hosing down with water. The amount of efflorescence may be _ 
- reduced by using low alkali portland cement, by using water free from | < 
by tooling all exterior mortar joints, by not wetting grouted mason- 


id during or ae after construction, by protecting the tops of 
s of uncovered finished | work. = 


‘ere. 
— 
q 
“4 
316 
— 
“ 
a 
| 


a 


agent. . Manufacturer’s recommendation should be obtained, 


PAINTING AND WATERPROOFING 


Preparation | of Masonry Surfaces 
x _ Before any painting or waterproofing is ane, the 1 masonry should be 


inspected ph the applicator to determine the condition of the masonry, 


or waterproofing. _ 


All mortar joints : should be solidly — tooled. All loose 4 
‘a dirt should be removed by light sandblasting or scraping and brush 
ing. _Wire- erumes should not be used. All efflorescence should be re- 


ECTION 401 GENERAL 


401.1 THEORY 


ae In presenting recommendations for design, ‘consideration has been 


given to such recent developments ultimate strength, limit, and 
Sa plastic design. It is felt that until reinforced masonry is more generally 7 
accepted and used, it is better to use accepted formula with the straight _— 
“line theory of elastic design. However, tests all indicate that the same 
general principles of design as are used in reinforced concrete apply to 
_ reinforced masonry so that any method ofdesign proven for reinforced 1% 
conerete can be adapted to reinforced masonry, 
In this chapter the principal points of discussion will center —, 
- items that may appear to differ from the design of reinforced concrete. 
= is nota building code andinhurricane and earthquake areas as build- 
ing codes should be checked for more rigid requirements. a ll 
401. 2 1.2 ASSUMPTIONS 
Except in deep beams plane” sections before bending remain 
"plane after bending. Fibre strains are directly proportional to their 
ee - distance from the neutral axis. (A deen beam is herein defined as as one one _ 
in which the span to. depth ratio is less than. three to one) not 
2. Compressive stresses in the masonry, mortar and 
tensile and/or compressive stresses in the steel in 
masonry) | are directly proportional to the strains. 
a ‘The ‘bond between the various elements is such that they will 7 
work together as a the range 
The modulus of elasticity o of the masonry, mortar is 
constant throughout the member ° within the working stresses. 
Stress ina reinforcing bar is assumed uniform over its area, 


tm 
= 
90°F, at Ume of painting or waterprooting. 
| 
J 
@ 
| 
— 
i 
| 
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The is and of cross- s-section, or proper 

"consideration shall be made for curving or haunching. __ 
of monibor, the m masonry carries sno 


Net section is used in design, 


01. 3 DISCUSSION OF ASSUMPTIONS 


‘ments in masonry is assumed to act together ‘only in the range of working 
stresses . As a reinforced masonry structural element reaches its ulti- : 
mate there is seen quite often the of separation of 


_— =f 


upper limits of stress. 
“The fact that bond is adequate for masonry materials to work to- 
gether is demonstrated by test and is assured by keeping the allowable — 
. aa stresses low enough to be safe for the weakest element. Care — 
see that complies that 


— 


The that masonry carries no tensile stress is — con-_ 


“servative in most cases and lead to erroneous conclusions. It is 
recognized that unreinforced masonry can develop s some tensile value 
even in stack bond, and more in running bond. Where the reinforcing 
- steel is located at the center of a wall, for example, the wall would — 
necessarily ( onboain al assumption of no tension) crack approximately — 
3/4 of the way through the wall before the steel would be effective in | 
7 resisting bending stresses. Therefore, it would seem better design to ¥ 
admit the fact that masonry may take some tensile force and proportion | _ 
steel accordingly, but for ease of design it is generally not done. Rein- 
; forcement is necessary in some portions of plain masonry so that the 
ae forces do not cause cracks which would | destroy the tensile 
strength that would otherwise exist. Also it is necessary to provide 
resistance to concentration of force, as around openings in walls. 


— 


Very often the span of a reinforced member is not large compared t to 
_ depth; therefore some distinct consideration must be givento short deep 
members, or thin deep members (e.g. buckling). 
fod _-The use of net section in design of reinforced hollow masonry is im- 
portant in several aspects. Masonry r mortar joints are sometimes raked © 
_ to give aparticular architectural appearance, and this results in a great- 
ly reduced effective thickness of wall. This is particularly critical for 


forces poapenticular to wall, ‘such as wind. In designing beams and 


: - section becomes important. For | compression stresses on a wall only 
the net area of the wall should be considered, including masonry unit 


— Ti 
he | O keen in mind tha be pond petween the ele. 
— 
— 
= yg 

— | 

“4 

— 

—— tion in arriving at net section, since these structural elements should be -_ &g 
solid grouted, and in such cases the grout, mortar and masonry units 
are considered as acting together to resist stresses. In designing lintels 
ee _ only that portion which is solid grouted is considered, therefore, it is. 4 - 
| 


‘MASONRY DESIGN 


- vertical bar at the center of the wall the neutral axis is approximately 
at the inside of the face shell and thus can be considered as a T-beam, 
aL wil For shear | the net section includes all ‘cross webs within the design 
area. as defined in Section 405.2 plus the grouted core. For shear 
stresses parallel to a masonry wall the gross area of wall minus the 
_ hollow cells which are not grouted is taken as the net oooh 


SECTION 402- LOADS 


402.1 COMBINATION OF LOADS 


The provisions for design herein specified are based on the assump- — 

— tion that all structures shall be designed for ali the dead and live wn 
to which they may reasonably be expected to be subjected. Wind, blast, _ 

earthquake need not be assumed as occurring simultaneously. 

Z For stresses due to wind, quake, or blast combined with dead and — 

with real live load, the allowable stresses may be increased one third. p 
Real live loads here refers to loads which are called live loads in the | - 

oat design but which actually have a degree of permanence, ‘such as storage _ 

_ loads, where it may be assumed that one-half of the load is always pres- ‘i 
ent on _ the structure, and thus probably present when the ee 


vind, | 


Inc | weight of masonry it shouldbe remembered that the 


forcing steel generally weigh the same whether light or heavy masonry _ 
units are specified. (A list of dead | loadsis set forth in American Stand- | 


ards Association Code A58.1). age 


in accordance with the set forth in the An American 
Standards Association Code A 58.1. 
SEISMIC 
@ 
perenne loads must be carefully considered, pre 
which includes effect of building frequency such as recommended by the 
_ Structural Engineers Association of California Committee Report. 
Masonry walls acting as shear walls in the direction of earthquake — 
~ motion may contribute great stiffness, with associated rapid periods and 
= permissible deflections. The motion normal to the wall may have > « 
slow periods due to mass" also greater permissible deflections. If 


the period is such that the ‘response factor is high, the loads assumed, 


“area plus solid grouted portions. For flexural stresses perpendicular 
- — _ _ to the wall the net section would include the masonry unit area within — : 
wall: section considered plus the solid grouted cores. This calcula~ 
On can generally pdiuced considerah when noted that for a 
— 
a 
— 
i 
q 
q 
402.3 
* 
al 
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‘For ‘calculating vertical concentrated loads" may be 


assumed to be distributed over a length of wall not exceeding the center 


- to center distance between loads nor one-half the height of the wall 
measured from the floor to the bearing plate. 
Concentrated load should not be assumed distributed across a con-— 


tinuous vertical joint, such as in stack bond, unless reinforced elements | 
r 


are. designed to distribute the load. 
_ In walls laid in running bond, where there is no . distributing ieitias 


under the load, the length of wall considered as supporting a concentrated 
t 


load should not exceed the width of the wall thick- 


pa More research is needed before oeiiiicws recommendations canbe made. 
| 


> 


4 
The effect of eccentric attachments to reinforced masonry shoula be 
onsidered, such as, supporting a roof or floor ona ledger placed at 


| one face of a masonry wall. This is an example of eccentricity that is 
and a ‘should be considered in 


“SECTION 403 - FORMULAE 


= diameter of reinforcing bar 7 


= area a of compressive § steel reinforcement in flexural members 


ae. 


nha depth of flexural members 


we of T- 


a = distance from extreme compressive fi fibe 


i.e., inertia, must be high due to the generally large masses or weights 
Specific formulae for determining horizontal forces fromearthquake § 
loads are to be found in the local building codes of seismic zones. 
4402.5 CC 
a mee In general the resistance of reinforced masonry is very good, the 7 2 
— 
= 
| 
— 
os width of rectangular beam or width of 


‘MASONRY DESIGN 7 
eccentricity measured from g! axis 
Em = modulus of elasticity of masonry in compression ~ 
Bs modulus of elasticity of steel 
E, a: = modulus of elasticity of masonry in shear 


computed axial stress in masonry 


m ~~ compressive stress in extreme fiber of masonry 
m approved ultimate strength of masonry 
= stress in steel reinforcement 


= stress in compressive reinforcement members: 
pe stress in web ‘reinforcement 


= allowable axial unit stress in masonry = 


allowable flexural stress in masonry 


= ‘unsupported height of wall or column; also width of bond beams 
= effective clear height 


of tension stresses to the effective depth ( eS 


= ratio of distance between extreme compressive fiber and neutral | 
axis to effective depth 1 
clear span 


= external moment 


= moment as governed by masonry 


= moment as governed by reinforcing steel 
= momentas governed by compression in reinforcing steel 
ratio of of elasticity of steel (E.) to that of masonry 


sum oO rimeters of | “ 


ratio of steel reinfc.: cement 
ratio of effective cross-sectional area of the vertical reinforce- 


_ment to the area of the 
ov 


tae of of stirrups, parallel ademas main re reinforcement 
= =o over-all dimension of columns; also thickness of ote. 

= bond stress per unit of surface area of i - 


= 
Pcting reinforcement _ 
= 
| 
— 
— 


= uniformly distributed unit load 


WwW uniformly distributed loads 


GENERAL EQUATIONS 


may be computed ‘in accordance with elastic principles or 
or general conditions, where the longer of any two spans does not ex- 3 
the shorter by” more than the 


— @ interior support 


More than two spans---- = @ face of interior support and 
"center of interior spans 
@ midspans of end d spans 


"interior support--------- 
Shear, at other supports --- 
FLEXURAL FORMULAE 
* /(fy j d)(stirrups) 


= 2fy a’) /(d-k ¢ 


| 403.2 (a 
— 
— 
— 


= 
(ULAE (See Section 406. 4) 


/ (12 E, Em 
Shear defection 2 H Ey) 
4g For concentrated horizontal load att top and full I fixity a at ‘the e top ils 
a pinned condition at the bottom, or vice versa ; 
Moment deflection = Hh Em! 


Shear deflection = 1 1. 2 H a= 


: (e) AXIAL FORMULAE 
mor 
SECTION 404- STRESS ALLOWABLE a 


actual serviceability of any ‘reinforced masonry structure is 
‘function of the material, the design, the workmanship and the use. It is 

recognized that the elements which make up masonry and 

masonry itself develop high strengths in compression, but this alone 

does not serve as means of determining allowable 

_ Material has been discussed under Chapter 2 and Workmanship = 7 
under Chapter 3 of this report. In setting forth allowable stresses itis _ 
a “assumed that both” materials and workmanship will be of very good > 

quality. If for some reason materials or workmanship are to be ques-_ 

tioned as to their quality, then proper reduction in allowable stresses 
must be made, or full scale tests should be carried out. The omission _ 
of reinforcing steel, grout, or mortar cannot be provided for by s reduc- > 
_ tion in stresses. There must be proper inspection to insure good work-— 
_ manship. It is assumed that the designer is qualified and no reductionis 
fe “made | in allowable stresses for his possible incompetence. It is felt that ] 7 
the owner or lessee may misuse the structure by overloading on occa-_ 

Be therefore some account of this is necessary in choosing allowable 

‘There are three ways set forth in this Section to determine the f 
stresses which the designer can use aS a guide. The first two methods 
involve a determination of f'm (see Section 404.2). The third method 

"assumes a selection c of quality specified materials. This is the general ~ 

aun. used in earthquake zones at the present time (see 


COMBINED AXIAL AND FLEXURAL 
DEFLECTION FORM — 

‘il 

— 
7 

4 

— 

| 
— 

— 
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404, DETERMINATION OF 


F eMBI 
(a) BY TEST OF MASONRY ASSEM IBLAGES 


Preliminary compression tests m may performedon on masonry 
as specified in Sections 506 and507todetermine f',, When this method — 
=: ysed the designer must be certain tha that the materials used in the test 


y are of the same quality | as those to be us used in the e completed structure. 


The design values are obtained from Section 


BY TEST OF MASONRY UNITS 


_ tests have b been ‘made on the “masonry units. ‘This table is limited to 
5 units testing 6000 p: psi, with the intention that where higher strengths 
: are desired, _ the masonry assemblage should have preliminary tests to — 

determine These values are also limited by the footnote so that 
shall not exceed the | compressive strength of the or grout, This 


Compressive Strength of Units* umed f' 


_ 


400 


its and 
= In no case shall the assumed f' than the compressive strength of the 


404.3 3 ALLOWABLE STRESSES AS RELATED TO re 


Compression - axial 
Compression - flexural 
Shear (no shear 
Shear (with ‘reinforcement taking» 


entire (maximum 100 psi) 
6) Modulus of Elasticity 
‘Bond - 
Bond - 


—  &§ 
‘ 
nay he internolated from Table 1 when — 
gg 
— 
| 
 . 
— 
— 
i= 


“MASONRY DE 
404, 4 ALLOWABLE STRESSES FOR A SPECIFIED REINFORCED MASONRY 


o. form to Grade MW ASTM C62-, or Hollow Concrete units conform to 
- Grade A ASTM C90-; the mortar conforms to Section 205, the grout — 
- conforms to Section 206, andthe construction practices conform to those > 


recommended in Chapter 3 of this report. 


Shear (no shear reinforcement) 
Shear (with reinforcement taking 
entire shear) 
Bearing 
Modulus of Elasticity 
Modulus of Rigidity 
Bond - plainbars 
Bond | - deformed bars 


_ SECTION 405 - STANDARD MINIMUM REQUIREM ENTS 


if the load on the inns can be carried by a a length of wall equal to 


Ae _ Masonry columns should have a minimum nominal dimension of 12 Sin, 
a maximum height of 20 times their least dimension. Columns which 
are stressed to less than 1/2 of their allowable stress may — an 8in. 
minimum 
_ Vertical reinforcement should be a minimum of 1/2 of one one one 
and a maximum of 4% of the gross cross- 3-sectional a area of the column. 
Columns which are stressed to less than 1/2 of their allowable 
stresses may have ave their reinforcement reduced | to not less | then 1/5 of 7 
ire. In all cases the reinforcement of columns should not be less than 4 - 
of 3/8 in. minimum diameter, 
Lateral ties should be not less than #9 wire ar and should be Spaced © 
re apart not over 16 bar diameters, 48 tie diameters, or the least dimen- 
the column. may be in the mortar or in 


ted by a 


ratio of height to” thickness of 25, where the word “height” is taken to. . 
mean the clear distance between lateral - The thick-| 


_ 
4 
9, 
| 
&g 
Reinforced masonry non-bearing walls should be limited by | 
height to thickness of 48, for interior walls and 30 for exterior 


effective width should be not greater than ustnees the wall thickness, 7 
: the center to center distance between reinforcement, nor 48 in. _ Where © 


_ the unit length nor 24 in. in solid unit masonry, and not greater than 
“1/2 times the unit length nor 24 in. in hollow unit masonry. | 
a The spacing of vertical reinforcement should be not greater than 8 ft 
ty 12 times the wall thickness, The minimum size of vertical bars — 
should be 3/8 in, diameter. The minimum amount of vertical reinforce- _ 
ment should be one- twentieth of one percent of the gross cross- sectional - . 


horizontal area of the masonry portion of the wall. There should be a 
each side each opening and each corner,  — 
The “spacing of horizontal reinforcement should be not greater than 
8 ft. The minimum amount of horizontal reinforcement should be one- 
tenth of one percent of the gross cross-sectional vertical area of the 
wall. There should be continuous horizontal reinforcement at the top of — 
o 7 the foundation wall, at each floor level, at the roof level, at the top of 
4 the wall, and at the lintel height. Horizontal reinforcement should be dis- 


area of the wall, ‘Wire reinforcement in the horizontal may 
- considered as part of the arbitrarily required horizontal reinforcement _ 
where it has trussed cross-wires: or cross~ ‘wires perpendicular to 
longitudinal wires providing not less than one cross-wire in each 16 in. _— 
_ length welded to the two longitudinal wires, but shall not be used to re- 
sist design loads, other than shear. Where wire reinforcement is used ; - 
a it should be spaced not more than 24 in. on center vertically. 


‘less than has been used in building codes since it is felt that design - 
eriteria’ should control the vertical reinforcement. ‘Temperature 
shrinkage reinforcement are not required in the vertical direction. 
an = feet is the maximum spacing suggested on the basis that wind © 7 
stresses against an unreinforced masonry wall set this limit and also ad 
is necessary to limit this to: order to properly | bind the wall 
together and distribute stresses. The percentage of horizontal reinforce- 
_ ment recommended is twice the vertical 1 reinforcement since here tem- 
perature and shrinkage reinforcement a are ‘required and these generally — 


established by arbitrary re uirements. 


should be 8i in. and the minimum width; should be 6 i in. Wall reinforcement 4 
_ may be used as beam reinforcement, for both shear and flexure, when — 
<4 the beam is ane integral part of a reinforced masonry wall, except that 


wire reinforcement ‘should not considered as resisting design 
stresses, other than shear. 


— 

| 

| 

| 
— 

a 

— — 

| pnry beam should 4 

cross-sectional 

— 
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has been written and much has been said. contraction 
- joints in masonry. The solution to the problem is one in which the de- 
aug signer must use his best judgment. A few suggestions are made as a 
guide only. Thermal, moisture and other movementsina wall are related — 

- to the boundary condition of restraint, the uniformity of the mass of the 
‘masonry, the thermal coefficient and the shrinkage coefficient of the 
‘masonry, the extensibility of the masonry, the weather conditions during © = } 

g and after construction, the type of workmanship, the use of the structure, ES 

: etc. | Where there is a large change in the mass of the wall, such as at 
large truck doors, contraction joints should be provided. _ The average a 
reinforced masonry building which is less than 100 feet long generally _ 
can be designed with sufficient reinforcement to make contraction joints 

unnecessary. ‘Where contraction joints are provided they should be 

ais spaced at 50 ft on center maximum, and their location should be at crit- 

SECTION 406 - VERTICAL LOAD DESIGN 
406.1 A “AXIAL STRESSES 


Axial load formulae such as P = Ag Fm + A, Fg are re obviously n¢ not 
correct nor precise for the relationship of ‘steel ‘Stress and masonry 
Since uncertain effect of workmanship would affect the compres-— 
- sion strength of masonry less than the bond and tension values there is 
_ probably a greater factor of safety in compression than in other stress ’ 
values. Also, since bond on the newer type bars, especially with the im- 
proved techniques of placing, is a vast improvement over older consid- _ 
eration it seems more reasonable to use values of masonry compres- 
sion and column steel compression more nearly to the com- 
then f, = 30, 000, 000 x x 2 = 6000 


* 
However, as in comparable concrete column bitin. the steel may 
be assumed to contribute more, not 20,000 psi perhaps, but 12,000 psi in > 
_ the grout. Such compromise is recognized and accepted as in the doubling 
allowable compression stress in the flexure formulae for beams with 

_ Column formulae have been devised involving the percentage of rein- 

ft forcement in the ties and are available inthe ASA Standard A 41.2, how- — £ 


: ‘This. type of formula is the one which has been used for many years by - 
Engineers in earthquake areas, Another approach to column design is to 
: a design the concrete core in accordance with the requirements for con- 
crete columns and consider the masonry as a form only. If this design 
is used the stress in the columnasa masonry column should be checked _ 
q 
in no case should exceed twice the a masonry column. 


| 
| 
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December, 1961 
“Allowable axial load on columns 
A, (0. 18 f'm + 0. 65 Pe) /30 t 
The ht tor the above equation is the ¢ effective is 
tated the actual clear height as follows: a 
= =1, 0 h for pin ended columns 
= 0.5 h for fixed ended columns 
75 h for column fixed one end cama 
00 h for cantilever column 
h' 8 h for cantilever column guided at top 
oD Due to the fact that columns are frequently fastened top and bottom | 


: "3 and have loads that put compression across the entire face, the general | 
value for h' is 0.75 h, It is well for the designer to frequently remind _ 
himself - all eccentricities and moments must be considered in his 

fe , For the axial load on walls the steel is not considered as adding to the 


7 
0.20f'm [1 (hr /30 


0. 
= 0. 
2. 
2; 


except that when reinforced as columns the stresses may be as for 
columns. The area of wall considered to act as column area shall not be 
oo _ further from the column reinforcing than the least dimension of the ~ 


The bending moments may be calculated by the moment coetticients 
or by the principles of continuity and elasticity, 
_ The span length of freely supported beams shall be the clear span 
plus 1/2 the depth of the em but not exceeding the center to center a 


distance : f supports. 


used for moment distribution (with due consideration for panei) 
_ Governing moments for the end portions of beams : and girders, however, 
be those at the face of supports. 
The clear distance between lateral supports of the compression 
flange shall not be greater than 32 times the width of the compression — a 
flange. 
ey compression value of steel sanetion may be taken at twice the 


compression and shear. Certainly at points where 
ae is no compression such as at points of inflection in continuous beams 
; ‘reinforcement should be designed to take allofthe shear. Since so little | ; 


— 
1 
— 
Ww | 
2 | | 
| 
— 
4 
&g 
— 
True Shear seldom occurs in masonry but is rather aterm whichis 


is known of the actual characteristics of shear (diagonal | inet: failure b 
—— is deemed best to keep the allowable stresses low where no shear re- | 
is used (as shown in Section 404) and when these are exceed-_ 
ed, use reinforcement to take the entire shear. According to tests re- 
by the Committee shear values set forth in the | the tables are 


= to be applicable to as well as beams. 
‘When spans spans ; are » long relative to depth they should be checked for 
deflection. It is recommended that the moment ofinertia of che masonry 
cross ‘section be computed (neglect the effect of the reinforcement) and 
_ then use the standard deflection formula, Vertical deflection in oe 
masonry should not exceed 1/600 of the span nor a total of 0.3 inches, 
Deflection formulae for wall sections and columns are given in Sec- 


tion 403.2. | These formulae are used to determine the distribution of 


406. 5 COMBINED STRESSES 


an members should be designed to resist the e combtantion of axial 
and flexural loads to which they are subjected. The bending moments due 
_ to eccentric loads and end conditions should be determined as for rigid 
frames or other forms of continuous structures. = = 
Ws Stresses due to axial and flexural stresses should be combined as 


“set forth in the equation in Section 403.2. Where — is less than 1/8, the 


i 


‘SECTION 407- HORIZONTAL FORCE 
AL 


407, 1 GENERAL 


"Bates yo is not intended to cover completely y the requirements for 
Tike “horizontal force design. Such considerations are outlined in detail in 
other standards and in the various codes having jurisdiction over the 
“local design. is to be merely a general discussion to guide those 
Lepore from areas in which slight consideration is given to seismic 
All reinforced masonry walls ne need to be designed for the wind and/or 
seismic loads to which they may be subjected. The same rules apply in | 
horizontal design as are used in vertical load design. Most important to 
— consider are the concentrations of stresses at each side of openings, at 
floor and roof levels, and where there are cantilever members (such as 
407.2 msromtca & i: 


_ Early masonry is a very different building 1 material than the modern © 


reinforced _masonry, which received great impetus in development in 
Southern California after the Long Beach quake of 1933. The early 
“brickwork” was laid up with little consideration of bond, either as to. 
material or method. . The mortar could be said to ‘Keep | the beick apart, 


= 
— 
2 
) 
= 
— 
om 
“wT 
— 
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Decembe 


e rather than | to bond them to together . The earlier material would be more 


together. Hence, after demolition of early type brick buildings, , cleaning» 
the brick for reuse was a simple chore. Dumping onto the ground 
_ the truck removed the bulk of the soft mortar. The rest was easily re- 
moved by hosing, brooming or rubbing. 
Reinforced masonry is different. It well bonded by cement and 
: ond other ingredients and tied | by reinforcing and bonding or laying tech- q 
niques. Although it looks similar, it functions more as a — 
_material rather than a heterogeneous group, = 
7 enue Modern buildings of reinforced m masonry can be designed to be wind = 
These are general principles‘ which will minimise damage. 
The basic principle is to recognize that earthquakes are ground motion, ? 


and will shake the up and down and 


increases or the vertical load provided for 
| considerable factor of safety in the original design. The lateral 


induces distortions not normally considered in such vertical 
iy _ Wind forces may act in avery: similar ‘manner r to earthquakes and for 4 
design purposes differ only in magnitude and px point of application. 
‘It is essential that the building be well tied together, both vertically 
and horizontally. Portions such as cantilever wallsor appendages should 
tal very carefully tied, or - eliminated. If are non-existent, they 
Provide for symmetrical ‘distribution of 1 masses and resisting fa 
ments and in general, verify that there is” a continuous path for the 


transmission of force from the ground to all parts of the structure. 
The framing “scheme ” must be complete, with no links omitted in the 


7 


oi Provide for separation of wings of buildings or portions with quite 
7 - different stiffness, or towers with varying natural periods of vibration. | 
i _ a; Differential motion of portions of building causes s impact and hammer- 
ing with resultant damage. ry 
a _ All walls should be anchored to floor and roof framing frequently 
a enough to take the shear and tension stresses involved. This anchorage - 
should be equivalent to 200 lb per lineal ft of contact area and more if. 
calculated forces show greater stress. Long narrow buildings are hard 
ua to brace adequately due to high deflections in the central portion, 
Stairs and stair wells must be checked as to detail and connections. — 


- a They must be flexible enough so that the motion of one floor relative to 4 _ 
another will not couse distress, or stiff and strong enough to resist that 


‘ 


similar to piles of children’s building blocks rather than to concrete. © 7 7 
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4 
Various parts of the structure, requiring force to overcome the inertia 
# 
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4 DESIGN CALCULATIONS 
se _ For earthquake forces the “basis of calculations is to assume that 


_ there’ are lateral forces proportional to the building masses, applied 
at the center of gravity of such masses, and to solve by € elastic princi-_ | 
ples of design similar to other structural design. The force factor to jf 
assume is established by local code. Where the horizontal diaphragms 
adequate to take rotation the building is designed for rotation and 
relative rigidities, otherwise it is customary to the bullding 
assuming that bracing elements resist tributary areas. 
diaphragms are used to distribute the lateral of 
the masonry walls to cross-walls or other bracing system which will 
transmit the assumed forces to the ground, Diaphragms usually consist 
steel, , or wood, floors, roofs, or truss systems. Concrete 
at? floors and roots make a very rigid oe and readily distribute the 


* walls, or other bracing system, Steel decks require a designed welding 


"pattern to distribute the loads. Wood floors | and roofs consist 

: require a designed nailing pattern, Straight (laid at right angle to the 

. joist) sheathing gives little resistance since the moment couple between — 

nails in a board is its only calculable resistance. In the | design « of the 
foregoing diaphragms the masonry walls are generally considered as — 
flanges of a deep girder with the diaphragm itself acting as the web. — 

_ The shear between the web and the flange is a factor in determining the 
connection to the masonry wall. Horizontal truss systems usually con- | 


sist of tension rod diagonals, and compression struts. This type of brac- | 
_ ing is not generally 1 recommended for masonry Satsang: because the de- 


The ‘most commonly accepted code is the Uniform Building ‘Code of 
‘the International Building Officials Conference. In their 1961 edition 
as a have adopted earthquake regulations similar to emi recommended 


as oe For earthquake design most of the Building Codes use the e formula, — 
‘the Horizontal Force equals a Constant times the building 


probable ‘response of the building to ; a effect, but some use 
ree! figure. For one and two story buildings an ares | formula 7 


SECTION 501 - GENERAL 
x J This chapter describes some tests which are e not found in the Amer- 
ican Society of Testing a Standards and which have been found to — 


| 
— 
1 
| 
— 
| 
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7 The field tests on mortar and grout have been used for some time in 

_ California and are important where close inspection and control of ma- — 
_ sonry construction is desired. The compression tests on masonry prisms 
are used to establish design criteria. (See Section 404.2, ) The teston — 
completed structures is us°dfor the evaluation of the strength of exist- 


ing structures, It is recommended by ASA Standard A 41.2. 


_ The Rapid Method Linear Change Test is one which has been devel- 
poo to give a method for indicating the volume change characteristics 


; “of concrete units. . It does not give the experimentally exact amount of 
shrinkage but has proven useful in 1 eliminating highly expansive units 


4 and in reducing undesirable cracking in masonry structures. The test 
- is recommended by the Concrete Masonry Association of California 7 


approved by the Association of California Testing and Inspection 


_ The Tension Test is whretaeet for research purposes at this time. 
It is obvious that almost all of the signs of distress in Reinforced a 
sonry Structures are due to tension failures. There is a need to learn 


more concerning the tensile quality of masonry. This test has been — 7 


of quality. ‘There is also a a need for developing tests on small r masonry 

in order to learn more about tension failures. Some work 
'® been done inthis area at the > University of California at Los Angeles 
and at the Structural Clay Products Research Foundation in Geneva, , 


It is hoped that this ‘ype ofa will be included in a later: 


- ing, place on a flat, moist non-absorbent base. Fill cone with two layers 
of mortar, rodding each layer 10 times witha 1/4 in bullet- -nosed rod, dis- 
 tributing strokes uniformly over the cross section and penetrating 
underlying layer. Lightly tap cone on opposite sides, level off, care- 
"fully lift cone and measure slump. At time of using, mortar on the 
_ boards should have a slump of approximately 2-3/4 in. The exact — 


amount of slump should be established at the start of the construction, 


= SECTION 503 - . FIELD COMPRESSIVE TEST SPECIMEN FOR MORTAR 
Spread mortar on the masonry units between 1/2 in, and 3/4 
thick and allow to stand for one minute, then remove mortar and since ed 


in a 2 in. x 4 in. cylinder in two layers, compressing the mortar into 
the using a flat end stick or Lightly top: mold on op- 


until taken to ‘the laboratory. After 48 set, have the labora- 
tory remove molds, cap the specimens, , and place them in the the fog room — 
Until tested in the damp ec condition. oe 


- be very useful in controlling quality of Reinforced Masonry Construc- 
— 
= 
SECTION 502 - FIELD SLUMP TEST FOR MORTAR ao 
| 
ve 
> 
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MASONRY DESIGN 


N 504~ FIELD SLUMP TEST FOR GROUT 


grout before in cone to obtain a full. representative mix. 

cone with grout, lightly tap cone on opposite sides, level off, , care- 

- fully lift cone and measure slump. At time of placing, grout should have 
slump approximately 5 Sin 

os SECTION 505 - FIELD COMPRESSIVE TEST SPECIMEN FOR GROUT > 

On aflat non-absorbent base, form a space approximately 3 in. x 3 in. 

s 6 in. high, ‘using n masonry units having the same moisture condition as 


: those being laid. Line the space with a permeable paper or porous © a 
= 


separator so that water may pass through the liner into the masonry _ 
units. . Thoroughly mix or agitate grout to obtain a fully. re >sentative 
_ mix and place into molds in two layers, and puddle each sayer with a 
1 in. x 2 in. puddling stick to eliminate air bubbles. Level off and im- 
¥ mediately cover molds and keep them damp until taken to the laboratory. 
_ After 48 hr set, have the laboratory carefully remove masonry units, | 
i cap the specimens, and place them in the fog room until tested. Test 
in a vertical position and in a damp ca condition, — 7 4 


SECTION 506 - SOLID MASONRY PRISM COMPRESSION TEST 


iminary tests, the tests shall be made in advance of the operations 
using prisms | built of similar materials under the same conditions and . 
in so far as possible, with the same bonding arrangement as for the - 

j structure. In building the prisms, the moisture content of the unit at — 
time of laying, the consistency ofthe mortar and the workmanship shall | 
be the same as willbe usedinthe structure. The test prisms for beams 

and slabs shall be built of representative units, with their dimen-— 
~ Unless permission is otherwise given, all specimens s shall have a 7 
- height-to-thickness ratio (h/d) not less than 2 and shall be not less than 
16 in. in height. If h/ddiffersfrom 2, the value of f',, shall be taken as 
the compressive Strength of of the specimens multiplied by a a correction — 


3.0. 


‘When the strength of the solid masonry is to be established by pr pre- 
1 


Ratio c of to thickness (n/a) 5 s 2. 2. 


Correction — 1,00 00 1. 


between those listed shall | be determined Grect 


— Test prisms shall be stored in air at a temperature not less than 

F, The ends of each p prism shall be capped with a suitable material 
=~ such as calcined gypsum to provide bearing surfaces plane within 0. 003 
and perpendiculr to the axis of the 


= y ¢ 
— 
a 
— 
: 
: = a = 
1] 
a 
the Standard Method for Compressive Strength of Molded Concrete 
Cylinders, ASTMC39-2 


December, 1961 


Not less than three specimens shal 
_ ‘a The standard age of test specimens shall be 28 days but 7- day tests 


~| ve may be used, provided the relation between the 7- and 28- -day strengths 
a rs _ of the masonry is established by test for the materials used. 

a SECTION 507 - HOLLOW h MASONRY P PRISM COMPRESSION ‘TEST 
4 


When the strength of the hollow masonry isto be established by pre- 
liminary tests, the tests shall be made in advance of the operations, b: 
_ using prisms built of similar materials, under the same conditions and 
in so far as possible, with the same bonding arrangement as alae 


¢ ‘Test prisms shall be built in the form of hollow squares 8 in. by 8 in. 
- in plan and 16 in. high or in the form of rectangles 8 in. by 16 in. in) 
plan and 16 in. high. The hollow core shall not be filled with grout. bt 7 
Masonry strength (fm) shall be computed by dividing the maximum 
“a by the net area of the masonry units used in construction of the 


7 Test prisms shall be stored in air ata temperature not. less than 
——-* F, _ The ends of each prism shall be capped with a suitable material ca 
such as calcined gypsum to provide bearing surfaces plane within 0. 008 
and approximately perpendicular tothe axis ofthe prism. The prism 
shall then be tested in accordance with the relevant provisions of the 


Standard Method for Compressive Strength of Molded Concrete Cylin- — 
at 


ders, ASTM 
hn less than ares specimens shall be made for each test series. 


may be used, the relation between the and 28- 
SECTION 508 - TEST OF STRUCTURE 


= (a) A load test of an existing structure to determine its adequacy 


_ (stiffness and strength) for the intended use shall not be made until the 
: = subjected to the load is at least 56 days old, unless the a 
«of the structure agrees to the test being made at an earlier age. Cie 
faa. (bo) When a load test is required andthe whole structure is not to be 
tested, the portion of the structure thought to provide the least shied 
of safety | shall be selected for loading. Prior to the application of the 
test load, a load which simulates the effect of that portion of the design 
dead load which is not already present shallbe applied and shall remain — . 
in place until afteradecisionhas been made regarding the acceptability = 
ete the structure. The test load shall not be applied until the structural , 
members_ to be tested have borne the dead load for at Teast 
©) Immediately prior to the _—— of the test load, the neces- 
sary initial — shall be made for the measurements of deflections | 


be 


e the test load. The members selected for loading shall be subjected toa 
_ superimposed test load of two times the design live load, but not less 
than 80 psf for floor construction nor less than 60 psf for roof con- 


~ 
le 
| 

a 

| 
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struction, The load shall be — without shock to the 

per: structure and in a manner to avoid arching of the loading materials. 
___—* Unless otherwise directed by the building official, the load shall be dis- 
7 wee to simulate the distribution of the load assumed in ae design. 


4 ~~ deflections shall again be made. The test load shall be removed and 
additional readings of deflections shall then be made 24 hr after the re- 
a te moval of the test load. The following criteria shall be used in determin 


ing conformity with the load test requirements: 


: cations needed to make the structure adequate for the rated capaclty 
3 shall be made; or a lower rating may be established. © 
 (2),:* The maximum deflection, D, of a flexural ‘ener at the 
end of the 24-hour period shall not exceed the limit in Table 2 con- 


sidered by the building official to be appropriate for the construction, _ 


‘The maximum deflection shall not exceed L/200 | for a floor con- 
struction intended to support or to be attached to partitions or other — 
damaged by large deflections of the floor. 
TABLE 2,—MAXIMUM ALLOWABLE DEFLECTION 


3, Beams continuous at one support and slabs continuous” = Vv 
at one support for the direction of the principal = e 


4 4. Flat slabs (L = the longer span) 


Beem ona slabs continuous at the supports for the 
of the principal reinforcement 


a The recovery of deflection within 24 hr after the removal of the ead 


shall be at least 75% of the maximum deflection. However, if the re-— 
aa at least 72 br after the removal of the first test load. The maximum _ 
ot Be flection in a retest shall not exceed the limits 8 given i in Table 2 and the 


recovery of deflection shall at least 75%. the 


SECTION 509 - LINEAR CHANGE (RAPID METHOD) 17 TEST 


— 


Rapid > Shrinkage Test shall be made in accordance with ASTM c. 
54T with the omission of Section 5 with the following 


control: 
ntrol: 


mi: 
= 
| 
*| 
> 
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Drying oven be a a ‘reasonably air tight, insulated cabinet 


> "providing for aminimum storage — of five test st specimens, 


wa of lin. all around ‘each test specimen. 
A constant, ‘uniform temperature between the temperature of 


‘Obtain the initial length reading on the test specimen, The 

a initial reading of specimen length, at saturation, shall be 7 
taken with the unit positioned in the w water tank so that its” 
as “a gage line is about + in. above the water surface to avoid 


error due to cooling by evaporation, 
_ 8) Obtain the saturated surface dry weight of the test speci-_ 
—— - men. A saturated surface dry condition shall be obtained = 
by draining the test specimen for 1 min over a 3/8 in. col 
larger screen and and removing visible surface 
@ Dry specimens in the oven at a temperature between aes 
and 235° ‘Drying shall continue for 48 hr minimum and 
until the rate in loss of weight is less than 1% in: 
nos 24 hr period. (This usually means 73 hr drying time.) i 


© Cool to between 65° and 75°F in acooling chamber consist- — 


_ the bulb of which is in the proximity of the topmost speci- 
73 men, In the bottom of the container aflat pan shall be placed . 
containing dry calcium chloride crystals of sufficient quantity — 

absorb the free moisture inthe air, 
(6) Obtain the final length and measurements calcu- 


a Calculate the drying shrinkage as a a percentage the 


test test be of the whole lot of | 


«136 pA. December, 1961 STS 
. 
— 
(3) A vented with a forced circulation of air withinthe 
— oven, over and around all test specimens. 4 
— 
| AK 
Make all adjustments necessary to correct length readings 
(8) Give the shrinkage for each unit together with the average 4 
SECTION 510- TENSION TEST FOR MASONRY UNITS 
14 
— 


MASONRY DESIGN» 


‘Three units shall tested as soon 
laboratory. 


(1) Four 1/8 in. steel pull to be glued to © each un: unit, One 


¥ << pull a to be placed on each side and at each end of each 
unit. 


have a means of attachment to an n adequate yoke for fastening 
_ to the testing apparatus. The lap of the steel plate onto the : 
_ speciment shall be sufficient that failure shall not occur at 
: he glue joint and shall be a maximum lap of 3 in. (Masonry ; 
nae units need cleaning with a steel brush to obtain a surface for 
_ good bonding. Plates usually need etching to remove grease. 
_ Epoxy type adhesives have been found satisfactory.) 
@) The pull plates shall be placed so that they are truly sym- 
metrical about the unit and the point of attachment is equidis- 
— each side so that no eccentric a are aaa 


@ Testing Machine: 
The specimen shall be tested in a ‘machine to 


ASTM E4 4- 


q 
Procedure: 


maximum tolerance from the centroid shall be + in, 


is: applied along of the unit to be tested. The 
All metal contact surfaces in apparatus ig 


The test load up to ‘one ‘half of the e expected maximum toad 
at _ may be applied at any convenient rate, after which the con- 
trols of the machine shall be adjusted to give a uniform rate 
of travel of the moving head such that the remaining load “ 
applied in not less than 1 min or more than er . min, 


peti perpendicular to the direction of the et 7 
The results shall be reported separately for each unit, ones 


with the average for the three units. re 
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EXPERIMENTAL “AND. OF. A FOLDED D PLATE 


A, ‘Scordelis,1 M, ASCE, E M. ASCE, and L R, Stubbs3 


a 


synopsis 


the of the elementary beam are compared 
with experimental results, and the validity of the assumptions used in the ana- 
lytical methods is examined. — 


INTRODUCTION 


plates, mutually supporting along their longitudinal edges, that frame into ne 
end diaphragms, These structures may be made of reinforced concrete, 


concrete, metal, or wood, Folded plates have been used 


type of structure are ‘possible i in bridges, airplanes, and 
Numerous technical papers have been written on methods of analyzing folded 


plate te structures. The design method most commonly used was introduced in — 


> Note. —Discussion open until May 1, 1962. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. _ This paper is part . 
of the copyrighted Journal of the Structural Division, Proceedings of the American So- 
ciety of Civil Engineers, Vol. 87, No. ST8, December, 1961. > Soames ; 

Assoc. Prof. of Civ. Engrg., Univ. of California, Berkeley, Calif. 
2 Engr., Aerojet General Corp., Sacramento, Calif. 
Engr., T. Y. Lin Assocs., Van Nuys, Calif. 
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- _ A study of a simple-span, aluminum, folded plate model consisting of three 
north-light shells is presented. Values of longitudinal stresses, transverse 

3 

q 

Ye 
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the United Winter, F. ASCE ar and M. Pei, 4 M. ASCE, 
was later modified by Ibrahim Gaafar, 5 M. ASCE., to include the effect of joint. 

displacements. Subsequent treatments of this approach have been made by 
many others, including Howard Simpson,6 M, ASCE, Eliahu Traum,’ and D. 7 : 
Yitzhaki,8 Scordelis9 has presented a matrix formulation of this method that | 

can be readily programmed for a digital computer. The preceding method is 

basedon several simplifying assumptions regarding structural behavior. These 

- will be subsequently described indetail and, hereafter, in this paper, —— : 


will be termed the “ordinary method.” 
A formulation of the analysis of folded plate structures, using the meary f- 
elasticity, has been developed by John E, Goldberg F. ASCE, and H. L. Leve,! 
_ A.M, ASCE, This method develops a solution for the stresses in a folded al 
‘Structure by combining the equations of the classical plate theory for loads nor- -— 
mal to the plane of the plates together with the e elasticity e equations defining the 7 
- plane stress problem for loads in the plane of the plates. The method, which 
— extensive computations, becomes practical when programmed for a 
‘digital computer, | This method of analysis = be designated the “elasticity 
- In some cases, designers have used the elementary beam theory of a 
a materials to calculate stresses in folded plate structures. Ih general, an 
analysis by this method may yield stresses considerably inerror from the true 
stresses in the structure. This type of solution will be defined asa * “beam — 
solution in n this paper. he 
 Incontrast tothe numerous papers on the analysis of folded plate beri ad 
7 very little information has been published comparing experimental com: 
_ with analytical results obtained by the theories being used. - Gaafar5 has com- 


rical cross section with analytical values obtained by the ordinary method. A a 
few tests11,12 on reinforced concrete folded plates loaded to failure have been a 


EE results from an experimental study of an aluminum model of _Symmet- 
performed, an and limited conclusions on this type of construction have been of: 


"verse moments, and vertical displacements in a simple- span alu an folded — 


“Hipped Plate Construction,” by G. Winter and M. L. Pei, 
ss “Hipped Plate Analysis Considering Joint Displacement,” by I. Gaafar, Transactions, 
“Design of Folded Plate Roofs,” by Simpson, Vol. 84, 
; — “The Design of Folded Plates,” by Eliahu Traum, Proceedings, ASCE, Vol. 85, No. - 
ae 8 “Prismatic and d Cylindrical Shi Shell R Roofs. »” by D D. . Yitzhaki, Haifa Science Publishers 
_ 9A Matrix Formulation of the Folded Plate Equations, ? ” by A.C. Senettin, Pro- 


ASCE, Vol. 86, No. ST10, October, 1960,p.1. | 
10 of Folded Plate *by J.E. Goldberg and L. Leve, 


search Inst., Civ. Engrg., Dept., Report No. CE 335- 5910F. 
12 “Ultimate Strength ‘of a Folded Plate Structure,” byG. P. Chacos and J. B. Scalzi, 
Proceedings, ACI, Vol. 57, February, 1961, p. 965. ae 
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plate moc having an anti- cross section, were » determined ex- ex- 
A perimentally and analytically, with the purpose : of f studying | the following items: 
1, A comparison of the analytical results ary by the ordinary “method 
and the elasticity method to determine the effect of the simplifying assumptions 
a comparison of experimental results and analytical results, obtained by 
the ordinary method, elasticity method, and beam method, to determine the 
@ validity of the assumptions being used in the analytical methods; and 7 
effects on the comparisons of “ and “b,” "when the length of 


Notation. —The letter symbols adopted f for use inthis paper are wheve 
_they first appear in the text, and are arranged alphabetically f for convenient | 


7 
‘EXPERIMENTAL PF ‘AL PROGRAM 


— model consisted of three north- -light ‘shells supported on on end Caen 
as shown in Figs. 1 and 2, It had an over-all length of 4 ft and an over all width» 
of 3 ft. _ Each shell consisted of a folded Plate of five plate el elements chosen to 
_ simulate a 1 general anti- -symmetrical cross section. ~The model material was 
- 2024 ST 3 sheet aluminum. This material has a modulus of elasticity of 10.6 x 
: 106 psi and a Poisson’s ratio of 1/3. Each folded plate cross section was bent 
7 from a single sheet of 0.063 in, thick material. The end diaphragms were cut 
from material 0.190 in, thick. The folded plates were welded to one end dia- | 
phragm and were fastened to the other by closely spaced machine screws. The 
& diaphragm could then be moved to a new location to change the span of 


the model. In this way, the model could be tested on both a nominal 4-ft span 
andanominal2-ftspam 
In all its dimensions except the thickness of the plates, the model was de- 
signed to ascale of approximately 1/20 of a prototype reinforced concrete roof. 
The scale factor for thickness was reduced to 1/64th of a normal prototype roof 
sO that measurable strains could be obtained. Note that the scale factor is an 
—Spproximat value and actually has lit little significance, except to give some in- 
-dication of the proportions of the structure that the aluminum model might re-— 
_ present. The model was used to obtain experimental values that could be com-— 
_ pared with theoretical values, obtained by various analytical methods, , There- 4 
: fore, the model may be considered to be a small structure, rather than a re- 
presentation of a full-sized roof, and, thus, the terms “model” and “prototype” 


become synonymous, and similitude is not a factor 


al 
wa longitudinal stresses, transverse ‘moments, and vertical joint deflec- 
_ tions could be determined at selected sections. Only the center shell was in- 
- strumented. A total of 144 SR-4 strain gages was usedon this shell. Both type 
At and A5 SR-4 strain gages were used. These were arranged in rosette or 
4 patterns ata number of locations across sections at mid- -span, quarter-span, 
eighth-span, and near an end diaphragm. Gages were attached to the top and ; 
bottom surfaces of the shell. Ata specific location, strains could then be de- 
_ termined in a transverse and longitudinal direction on the top and bottom sur- 
Utilizing the generalized Hooke’s law and the formula, these 
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FOLDED PLATE ‘STUDY 


strains could converted ‘to and transverse moments, 7 

Vertical joint deflections were measured by simple dial gages. As the struc- 

- ture was statically indeterminate, the problem of strains due to changes in 

4 temperature during the testing ‘program was eliminated by conducting the en- _ 
are program in a room having a controlled ‘constant temperature of 70°F. 

_ The loading system was designed to produce a uniform line load at each in- | 
terior joint of the three shells. The ratio of these line loads was determined 
from the reactions that would be produced at the joints by a load uniformly ¢ dis- : 
tributed over the horizontal projection of the structure. The requirements for = 

loading were achieved by ‘means of the “whiffletree” arrangement shown dia- 

grammatically in Fig. 3. This arrangement consists “of a series of simple 
Be tied and supported by | piano wire, whereby a a single ‘concentrated load 

be distributed toa and number of as 


moves up through | the > whiffletree. Because the entire system is unitate de- os 

terminate, any desired distribution of loads may be obtained by varying the 
— and Lameesied of load application on — of the simple beams in the whiffle- 


CPC 
The “ion line loads were approximated in this case by applying, through 
‘the whiffletree, concentrated vertical loads at each interior joint at 6-in. in- | 
tervals along the span of the model. Two whiffletrees were used so that a sep- _ 
arate load could be applied to each half of the 4-ft span, . This arrangement 
also permitted the same system to be used when the span was reduced to 2 ft. 
> ‘The loads were applied to each whiffletree by: means of weights using a lever 
system witha mechanical advantage of 10 to ® The induced load in the system 
checked by means of calibrated inserted 
loads and the whiffletrees. = 
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FOLDED PLATE STUDY 


In testing the model, the linear response to load was first verified ata lenge 
number of selected gages, Final values of strain were then obtained from o—_ 
gage by averaging the values obtained in going from no load to full load three 
times. Values for each cycle of loading were found to be within ; a few micro- 

of each other in all cases. 

_ The experimental results for the 4-ft spanand the 2-ft span model are given 
in Tables 5 to 9 and are presented graphically in Figs. 4 to 8. ‘These results — 


-- be examined subsequently in connection with those obtained from analytical | 


. in _ studies. Tabulated results throughout this paper are for the e same common | 


> 


BY THE ORDINARY ME METHOD 

The “ordinary m method” has been thoroughly deecrthed and ‘examined in ‘the 


literature. 5,6,7,8,9 The analysis is based on the following assumptions: 


4 material is elastic, and homogeneous; 
. the structure is completely monolithic; 
3. slab action is defined by the behavior of transverse one - -way slabs span- — 
4. longitudinal membrane stresses ‘developed in ‘each plate due tolongitud- 
‘inal plate action may be calculated by the elementary beam theory; therefore, 
the longitudinal stresses vary linearly over the depth of each plate; and 
supporting e end diaphragms are infinitely stiff parallel totheir own plane, 


but perfectly flexible normal to their own plane. = 


A matrix formulation of the analysis, described in detail in an earlier r pa- 
_ per,9 9 was utilized, together with a digital computer, to obtain values of longi- 
‘tudinal stresses o, transverse moments m, and vertical joint deflections 4 
The computer program used is a general one, in which | the input data consists ~ 
of the magnitude and longitudinal distribution of the vertical joint loads, the 
longitudinal span, and the thickness, vertical projection, and horizontal pro-— 
jection of each plate in the cross- section. The analysis, which consists of a 
series of matrix algebra operations, is s complete and and takes into account the ete 
_ Inorder to directly compare the results found by this method with those 
obtained by the elasticity method, the uniformly distributed vertical load at 
each interior joint } was replaced d by the superposition of of manne loadings from | 


. the: results at midspan a are e given in . Tables 1 and 2. The largest | matrix inver- 
sion involved in the solution was for a 4-by-4 matrix. Several of these inver- 
sions were required, The signconvention used in Tables 1 and 2, and through- 

Z out the remainder of the paper, is as follows: longitudinal siweeses o are pos- 
_ itive when tensile; transverse 1 moments m are when they produce ten-_ 


— 
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> TABLE Bi .—MIDSPAN RESULTS BY ORDINARY METHOD FOR 4-FT NOMD AL SPAN . 


-1.459 

0.012 
00098 
0.00018 


0.07754 
-0.00059 "00059 
0.000046 000006 000046 
-0.000009 | 000001 _9. 000001 | -0. 000009 


rom 
b See Fig. 4 for total uniform load at each joint Pm i = gis 4 


TABLE2.— 


Joint 


-0.1715 -0,1715 
eas | 000751 
~0.000059 


Vertical Deflections 6, in inches 


008155 001056 | - 7 
-0,000035 0.000005 0. 005 000035 

-0.000001 | 


b See Fig. 7 for total uniform load at each joint 


Jo - dinal St awe 

1 | 3545 
lait =3 20 + IN 

— [3370 | , in inch-pounds per 

‘Total ical Deflections 6, | 
| 
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sion on the bottom vertical joint are positive down- 


Ag solution of this type has been presented by Goldberg and Leve. 10 The 

is based on the following assumptions: 


The material is elastic, isotropic, and homogeneous; 
_ 3, the stresses and displacements ineach plate due toloads normal to ne 
: of the plate (slab action) are determined by means of - — thin plate 


the (membrane are determined means of the equa- 


| requires ‘considerable effort. 


= was 5 developed to minimize the computational problem and the possibil- 
ities for error. A computer program applicable to cases involving a general | 
number of plates anda general cross-sectional configuration is being fovetcget 
atthe presenttime (1961), 
= ‘The procedure used in the analysis will be outlined briefly. For the alumi 


num model studied, the external loading consisted solely of vertical Joon 
loads at the joints. _Each harmonic loading is treated in a similar manner, 
Isolating a single plate as a free body, the internal forces per unit length ex-_ 
- isting along each longitudinal edge are a moment m about the longitudinal edge, 
=n s shear force V normal to the plane of the plate, a force N in the plane of the — 
plate” and normal to its edge, and a longitudinal shear force T in the plane of 
“the plate and parallel to its edge . These internal forces vary longitudinally as 
‘harmonics. The possible displacements at each longitudinal edge of a plate 
are four in number. They are a rotation 6 about the axis about which m acts, 
a displacement w in the direction of Vv, a displacement v in the direction of N, 
anda displacement ‘u in the direction of T. These also vary longitudinally as 


‘Using classicial, | thin-plate theory and the theory of elasticity for plane 
stress problems, , Goldberg and Leve10 have _ developed the necessary equations 
relating the eight force quantities (four at each longitudinal edge) to the eight 
displacement quantities (four at each longitudinal edge) for each plate. In the fa 
"present study these equations were programmed for the computer so that the 
so-called member stiffness matrix k for the entire sturcture could be assem- 
The following relationship can thenbe written: 
= 
which Q,k,and 4 are, the matrices representing the plate edge 
forces, the member stiffnesses, and the plate displacements, thek 


= 


| 
ANALYTICAL SOLUTION BY THE ELASTICITY MET 

| 

if 

— 

_ 

solution by this method 
= 
4 

a 
= 


The matrix algebra : steps are necessary: 


‘Using statics at each joint, the Rare expressed in 


“terms of the plate edge forces Q 


i which A is a statics or force transformation matri matrix 
2 Using geometry of displacements, the internal edge 
are related to the external joint displacements 6, [. 


which: Bisa geometry or displacement ‘transformation matrix. It can 
shown that B equals the transpose of A so that one _— be obtained from the 
3. Substituting Eq. 4 into Eq. 


in which K=Ak AT is the stiffness matrix for the ex- 
ternal joint loads R to external joint dis displacements 6. 


R= AKAT6=K6_ 


m 
contained a total of five plates and six it was 
to invert a K matrix having a 24- -by-24 siz. — 
6. For the given loading R, joint displacements 6 are found by Eq. 
then substituted into Eq. 5 so that the plate edge forces Q can be calculated 
Once the values of Q are known, longitudinal stresses and transverse ‘moments 


a Midspan results for t the peheunene model obtained for the first, third, fifth, 


seventh harmonic are given in Tables and 


In the beam theory to case of the model, _ 
the general flexure formula for unsymmetrical bending must be used, The _ 
general ‘flexure formula can be used to determine longitudinal stresses pro- 
vided that the conditions are fulfilled: led: 
i ‘The 1e material is elastic, isotropic, and homogeneous. ~ 


“The structure is completely monolithic. 


an 

| 
| 

4, Then Eq. 5 intoEq.3 iw 
7 

“2 
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71791 


| 


ely 4510 


0.00213 ~0.00228 0.00228 

-0.00093 | 0.00067 | -0.00093 

-1,4342° 


2 00857 


_|_16% 


r square inch — 


-1.4510 | 0.09380 


~-0.00857 
0.00213 


-0.00093 
0.08643 


0.1145 
00103 
0.00009 
-0.00002 


0.00229 


T 0.06969 
-0.00063 | 


0.00229 
| 0.00006 

0.000066 - | 


0.1145, 
~0,00063 | -0.00103. 
00006 00009 
00001 -0. 00002 _ 


0.06969 


-0.2100 


0.05055 | -0.2100 
0. 00225 


-0.00264 00225 
0. 00094 -0.00037 
_-0. 00065 | 0.00005 0. ‘00005 


0.008077 

—-0,000051 

-0,000002 


-0,000843 
0.000001 | 
0.000001 

—-0.000001 


--0.000843 
0.000001 
0.00001 


-0.000001 


See Fig. 7 for total uniform load at each joint | 


0.000001 | 


0.05055 
-0.00264 
0.00094 


0.008077] 0. 
0.000051 | 00007 
0.000007 0. 
~0.000002 


io 


n=l | 1791 
Transverse Mo De ‘ 
| 4 
Total | | 
Total =| 0.1136 || 
— 7 b See Fig. 4 for total uniform load at each joint 7 — og 
ELASTICITY METHOD FOR 2-FT 
Harmonic} Longitudinal Stresses g, in pounds per square inch 
met 2. 0.00065 | 
‘Total -0.2080 -0.2080 | 0.04820 | 
Vertical Deflections 6, in inches g§ 
5 
Total | 001364 | 008031 | -0 000842 ‘ q 
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The longitudinal fiber strains and stresses have a planar distribution over 


_ 4, As a result of assumption 3, all points on a given cross section experi-_ 


a 


ence the same resultant deflection; therefore, there is no transverse distortion | a 


_ § The resultant of the external loads passes through the shear center of _ 


Supporting end diaphragms are infinitely stiff parallel to own 
but perfectly flexible normal to their own plane, 


‘For the loading o on the aluminum model, condition 5 | is satisfied because the 7 = 


: ee are symmetrically applied on either side of this centroid. Thus, the re-— 
— ‘ _ Sultant of the external loads passes through the shear | center, ‘and, according 
tot the beam theory, there is no tendency for twist. 
_ Condition 4, and, thus, condition 3 are generally not ‘satisfied ina afolded 
plate structure, because the thin plates forming the cross sectiondo not provide _ 7 


a sufficiently stiff transverse slab system to make the transverse distortion of — 


; the cross section negligible, If the transverse slab system is made stiffer and 7 
- stiffer in relation to the longitudinal membrane plate system, condition 4 is 
Sms approached, and the folded plate structure begins to behave ‘more and — 


ary restraints along the longitudinal 


_ The general flexure formula for may b nay be written in 


which x and are horizontal ‘vertical axes passing through the 
_ of the cross section. Ix x, lyy are moments of inertia, and Ixy is the product of © 
inertia, of the entire cross section. Mxx and Myy are total bending moments 
ata section. ‘For the aluminum model Ixx, lyy, Ixy equaled 4.80 in.,4 11.55 in.,4 
and -6.00 in. 4 respectively. Because only vertical loads were applied to the 
model, Myy equaled zeroatall sections, 
E Values obtained using Eq. 8 are given in Tables 5 to 9 and are re shown graph- 


EXAMINATION OF EXPERIMENTAL AND 
For: purposes of comparison and examination, experimental and analytical 
for longitudinal stress o, transverse moments m, and vertical joint de- | 
flections 6 are summarized in Tables 5 to 7 and Figs. 4 to 6 for the case of the — _ 
- ft span, and in Tables 8 and 9 and Figs. 7 and 8 for the case c of the 2-ft span, 
All values are for the same een loading condition, shown in Figs. 4 to 8. 
“Indeterminate Structural Analysis,” J. S. Kinney, Addison Wesley Co., 
“Reading, Mass., 1957, P. 278. 
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| 
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Experi- 
mental 
_ Ordinary 
Elasticity = 
Beam 


mental 
Ordinary | 


mental 7  -0,0006 | 0.0544 
Ordinary | 0008s | -0, 0008 | 0.0770. 
0.0023 | 0.0023 | 0.0691 


_ TABLE 6,—-QUARTER-SPAN RESULTS FOR 4-FT SPAN (L = 47.44 IN.) ss 


3 


Experi-_ 
mental "1380 
Ordinary 29611 4 
Elasticity | | 
4 Beam 285 _-1230__ 


TABLE 7,—EIGHTH-SPAN RESULTS FOR 4-FT SPAN (L= 47 IN. 


‘mental 
‘Ordinar y 
a ‘Elasticity 
Beam 


Experi-— 
mental 
Ordinary 

Elasticity 


TABLE 5.—MIDSPAN RESULTS FOR 4-FT SPAN (L = 47.44 IN.) 

Method | Longitudinal Stresses in pounds per square inch 

i640 | -380 | -1530 | 1530 | 380 | -1640 «=f 

Transverse Moments m, in inch-pounds per inch 

tm 

— 

=! Longitudinal Stresses in pounds per square inch & 
mental 0 0,18 0.88 0.80 | 0.22 
Elasticity} 0 | 070 | -1.038 | -1.038 | 0.070 | 
| 

-166 | -670 | +670 | 166 -720 | 
g Pransverse Moments m, in inch-pounds per inch 
4 | | | | 020 
— 


a 
A the anz ‘results 's obtained by the. ordinary. ‘method 
those obtained by the elasticity method indicates relatively good agreement. 
‘ Longitudinal stresses obtained by the elasticity method were generally lower 
- than those obtained by the e ordinary 1 method. _ The percentage difference in the 
Yeates science for the 4-ft span was about 8%, whereas for 


= 


Method Stresses g, in pounds per square inch 


Experi-— 
mental 


“mental 
Ordinary 
Elasticity 


Vertic al Deflection 


__Experi- 7 

Elasticity | 0136 0.0080 | -0. ; 0.0136— 


TABLE 9.- a- —QUARTER- -SPAN RESULTS FOR 2 2- -FTS SPAN AN (L' = 23.4 44 IN. 


‘mental 
Ordinary 


mental 
Ordinary 


2- ft span it was about moments found by the two. 
for the 4-ft span were practically the same, whereas for the 2-ft span the elas- 
method yielded values somehwat than the ordinary method, - This 


“way ‘slab action: assumed in the elasticity method provides a stiffer slab system. 
_ thanthat assumed inthe ordinary method. The maximum vertical joint deflec- 
tions the method were were slightly higher than those found 


“| 

: 

: 

‘Transverse Moments m, in inch-pounds per inch” | 

| 0048 | -0.208 | -0208 | | o0f 

q 

Method | Longitudinal Stresses g, in pounds per square inch 

620 | -340 | -20 20 «| 380° |  -500 

302 | -70 | -292 | 282 | 7 | -302 

‘Transverse Moments m, in inch-pounds per inch” 

| 006 | -0.15 | -0.07 | 90.10 

o | | -0150 | -0150 | | 

| 

: 
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— “by the elasticity method. This difference was expected because the nentinn 
inthe ordinary method neglect some of the inherent stiffness of struc- 
ture, . The difference in the maximum n deflections was about 11% for the 4- ft 
‘Span and only about1%for the 2-ftspane 
_ The experimental results were, in general, significantly lower than those 7 
‘calculated by e either the elasticity method or the ordinary method, For exam- 
ple, ‘maximum values of longitudinal stress were about 20% to 30% lower. -How- 
ever, as can be seen in Figs. 4 to 8, the patterns of distribution of both longi- _ 
tudinal stresses and transverse moments across the cross section are similar 
s@6=—Ss for the experimental results and the results found analytically by the elasticity a 
_ method or the ordinary method. From the diagrams (Figs. 4 to 8), it is also 
immediately apparent that the beam method does not yield analytical values that 
correctly represent the. ' distribution or the magnitude of the stresses in the 7 
“model. Values calculated by this method were considerably smaller than the 


nae The difference in n the results obtained experimentally, and by the elasticity 


in the latter method. The only one that appears suspect is that which assumes 
that the supporting end diaphragms are infinitely stiff parallel to their own 
plane, ‘but. perfectly flexible normal to their own plane. This suspicion was 

checked by evaluating the total axial force P, total moment Mxx, and total mo- 
: ment Myy at each section from the stress distributions obatined analytically | 
_and experimentally. Each of the three analytical methods yielded values of P, 
A Mee, and Myy, which checked the statical values based ona structure simply 
_ supported at the ends. Values of P, Mxx, and Myy obtained from the experi- 


i. mental stress distributions, however, indicated that some restraint existed at. 


the end diaphragm and, thus, the diaphragms were not perfectly flexible normal 

to their own plane. Because the columns supporting the end diaphragms were | 
capable of transmitting only very small moments to the base supports, it is — 

i thought that the P, Mxx, and Myy produced at the end diaphragm by the middle 


"shell (the only ‘shell instrumented) 1 may have been equilibrated equal and 
opposite quantities produced at the end diaphragms by the two outside shells. 
‘The stress distributions in north-light shells of the type used in this study 
* appear to be particularly s sensitive to the end restraints mentioned in the pre- 


_ ceding paragraph. The problem of end restraint offered by end diaphragms, 
in cases in which saltighe Shells are connected to the same end diaphragm, is 


the basis of study ‘reported the following ‘conclusions 1 may 


advanced regarding the behavior and analysis of folded plate structures: — 


a Ing general, the computation of longitudinal stresses, transverse moments, 
and vertical joint deflections by the “ordinary method” should yield results in 
relatively good agreement with those found by the more precise “elasticity 
metho.” | As the longitudinal span is decreased, the differences in longitudinal 


stresses and vertical joint deflections found by the ‘two methods decrease, 
whereas t the differences intransverse moments (due to joint displacement) in in- 


— 

— 

q 

a 

+ | 

| 

Ul add Ulla CA Ve = d Udy, CA Ve d 

ha a _ single shell spanning between end diaphragms. 
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FOLDED PLATE STUDY 
8 An ; analysis by the “beam method” for longitudinal stresses in a folded 
plate of unsymmetrical cross section will yield values seriously in error with _ 
respect to magnitude and distribution across the cross section. 
3. Whereas either the ordinary method or the elasticity mothed appear to. 

- predict accurately the pattern of distribution of stresses, moments, and deflec- 
tions across a cross section, the magnitudes of these quantities are ses 
cantly affected by the restraints imposed by the end diaphragms. These re- - 
straints, which are at present commonly neglected in design, require further 
research, especially in cases of multiple iia shells of unsymmetrical — 


of the ‘methods of analysis described are based elastic 

isotropic, and homogeneous material. It could be argued, perhaps justifiably, 

, = these methods are not applicable to reinforced concrete, However, the 
same assumptions are now being followed inthe design of curvilinear prismatic — 

_ shells, and convincing experimental evidence for general cases of reinforced 7 
- concrete shells would have to be presented before a departure from this ap- 
proach would be warranted. Perhaps the best approach in the end will be an 
ultimate concept, but considerable analytical and experimental re- 


- suggestions on the pe ste program and to A. L. Knott, who — 
‘Pated in the original of the model, 


APPENDIX.—NOTATION 
— 


Letter’ symbols adopted for use in this p: paper are listed here 


reference and for the aid of discussers: 


= Statics or matrix; > 


moment of cross section about x and y axes respec- 


wee 
matrix; 
"member ‘stiffness matrix 
= longitudinal span; 
= total moment at a section about x and y axes, respectively; 


a 
| 
| 
— 
bg 
i 
dl 
rt 
— 
~ 


= transverse slab moment ¢ ata plate edge; 


= = plate edge force in the of the normal to its 


= at a plate in the ‘direction | of 
= ‘plate edge force normal to the plane of the state: 


= joint displacement; 


= longitudinal stress. 


— 
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_ STRESSES IN RING STIFFENERS IN CYLINDERS ae 


'SYNOPSIS- 


Included are the results of Biro work andsome approximate 
investigations. The theoretical work is correlated with the 
andie to establish approximate working formulas to determine the stvesnes 
in the ring stiffeners. Both the pure bending of the cylinder and the bending — 
caused by transverse local loading are considered, The transverse loading — 
on the cylinder is limited to a loading of a distributed nature and does not Pine 
clude a any concentrated loads applied to either the stiffeners or the shell, 
INTRODUCTION ( 
oe experimental and theoretical work has bows performed by 
various investigators2,3, 4 on the ultimate capacity of thin-walled cylinders, 


_of the copyrighted Journal of the Structural Division, the American 
ciety of Civil Engineers, Vol. 87, ST 8, December, 1961. 
a 1 Asst. Prof. of Civ. Engrg., Univ. of Michigan, Ann Arbor, Mich. 


“The Flexure of Thin Cylindrical Shells and Other ‘Thin’ Sections,” L. G. Bra- 


zier, ini and Memoranda No. 1081, Aeronautical Research, Committee, London 
3 “Strength Tests of Thin-Walled Duralumin Cylinders in Pure Bending,” by Eugene 
E. Lindguist, T. N. No. 479, NACA, 1933. 
ss “Bending Tests of Ring-Stiffened Circular ilies linders,” ‘by James P. Peterson, T. 


; 

i 
‘ must be filed with the Exsoutive Secretary, ASCE. paper is 
a: 


— 
gf 
= 
____A semi-empirical approach is presented herein for determining the forces 
4 


1961 


both s and unstiffened. However, very little has been done to 
: the na nature and magnitude of the forces acting on ring stiffeners in thin- -walled 


structures. In s ‘such structures, the stresses in 1 the stiffeners are 
a, _ caused by the beam bending moments in the structure but also, and, in fact, to 
a larger extent, by the direct effect of the transverse local loading on the shell. 
In the case of ch 
tion of the circular section of the structure. This distortion of the originally 
_ circular section is caused by the bending of the chimney as a whole and also 
by the transverse wind-pressure distribution on the shell. 


_ Although the rigidity of the stiffener is an important factor in its ‘selection, 
- the designer, nevertheless, must determine the nature and magnitude of the 
forces’ to which the stiffener is subjected. Therefore, this investigation is 
marily concerned with establishing a practical approach | for determining the 
distribution and magnitude of the forces acting on ring stiffeners in cylinders _ 
Bo to bending. Only cylinders with constant radius and thickness and _ 
with equidistant ring stiffeners are considered, 
No tation.—The letter symbols adopted for use in ‘this paper are defined — 
_ where they first appear, in the illustrations or in the text, and are arranged — 
alphabetically, for convenience of reference, in the — 


‘The objective of work was to variations of. 
the stresses in a ring stiffener as a result of the bending of the cylinder. AD -_ 
model (Fig. 1) was therefore > built which w was essentially a thin-walled long 
of constant thickness and radius, reinforced by circular rings uni- 


_ formly spaced along the cylinder. _The n material used in the fabrication of “an 


The model in Fig. 1 is composed of three circular cylinders (designated in 
: _ Fig, 1 as End Segment - Center Segment - End Segment ) and two end wooden © 
rar) _ Each wooden block is made of a square hollow section sien: for a length — 
of about 9 in. that fits inside the cylinder andis made of a hollow circularsec- _ 


_ tion, The end blocks were used as end supports and to apply the ooo 


Each of the circular cy cylinders. is 4 ft long and has a mean diameter of 11.28 
in, They were rolled from a 0.025 in. thick aluminum sheet. . The radius- -to- 
“thickness ratio of the model was therefore equal to 225, 

_ ‘The stiffeners were bars that were cut from a 0.25 in. thick plate. ‘The bars _ 
were machined to the specified thickness of the stiffeners and were rolled to 
the required diameter. In each stiffener an allowance was made fora splice. 
‘The end segments | of the model were reinforced by 1/4 in. by 1/4 in. ring 
‘stiffeners spaced equally at 6 in., center to center. No strain gages were 
- ‘mounted on the end segments and no change in the size or ‘Spacing of the end- 
at ‘On the center segment, which is the actual test specimen of the > model, to 
d 


lifferent siz size stiffeners w were used curing the test, 1/4 in. by 3/1 3/16 in. (width x_ 
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‘stiffener designates ‘its dimension ; in n the e radial direction. For each of the fai 
sizes, the stiffeners were originally spaced at 2 5/8 in., center to center, with 
——— to remove some of the stiffeners S during | the test so that the spacing» 
Could be increasedto 51/4in,101/2in., 

_ All the stiffeners were placed on the outside face of the cylinder and were 

connected to the cylinder by using forty-nine machine screws (with nuts). _ The = 
= betweenthe screws was therefore approximately equal to 3/4 in. . Ma- _ 
chine screws (with nuts) were also used in connecting the circular ate _ 
together. The sizes and number of the screws are givenin Fig. 1, 
As stated previously, the purpose of the test was to measure the ‘stress f al 
in the stiffeners. Nevertheless, a few AR-1 hell for the 


LOADING BASKET 


ré 


‘models the A- -7 gages a are > relatively short | gages and have an length of 

1/4 in. Also A-7_ ‘gages were mounted on the inside of the shell opposite to = 

_ those on the stiffener. _ These gages were centered between the screws ; con- 7 


“necting the stiffener the shell, All the electrical strain gages used were 


simultaneously with equal increments of the load (Fig. 1) . One type of — 
verse local loading was investigated, namely a uniformly distributed radial 
force applied at the top half of the cylinder. This was achieved by using load- | 
_ ing baskets at the fourteen locations shown in Fig. 2(d) in which the load from | 
the weights in the basket was applied to the model by bands passing over the 
f upper half of the cylinder (Fig. 2(b)). ‘The > bands were very smo smooth, thus mini- 


| A constant bending moment in the shell was obtained by loading both baskets 


ue 


| 
q 
Cetecting any unusual strains in the shell during the test. 
| 
f 


_ Typical experimental results are given in Table 1(a) and (b) for the 1/4 in, 
by 1/8 in, stiffener. The stresses due to the separate effect of the local load- 
ing, which are given in Table 1(c), are obtained by subtracting the stresses _ 
of Table 1(a) from those of Table 1(b). The bending moment for the ‘pure- 
7 ing which P is the load, in emnta, in 1 each basket, and for the local- loading con- ¥ 
dit Fi 2( (d the b di t 
4 dition (1 Fig. e ben nding moment is is 


“Me = 3,218 + 682.5W 


in which W is the load, in . pounds, in each basket. From Eq. . 1(b) 


Vom 


Ww, in pounds Mo, | in inch- pounds 


- moment at the ‘center of ‘the model due ‘to the weight of the cylinder, the end . 

blocks, and the end loading baskets. It should be noted that the modulus of 

elasticity, E, used in converting stresses to s strains was taken to be equal to 
: 10 x 106 psi. This value for E was the average » obtained from four tensile 


- ‘The st strains in the gages on the inside of the shell and opposite to those on 


: the outside face of the stiffener are affectedappreciably by any local longitudi- . 4 
_ nal bending and other local conditions, which are difficult to evaluate. For this 
reason these strains were ignored because it was felt that they couldnot be- q 

used to advantage in the evaluation of the data. 
a The variation inthe stress onthe outside face of the 1/4 in. by 1/8 in. stif- — ; 
7 fener as afunction of the applied pure bending moment on the cylinder is shown © 
- in Fig. 3. _ These stresses are plotted for five locations on the stiffener and for J 


a stiffener spacing of 101/2 in. As shown in Fig. 3, the maximum applied 
bending ‘moment used during the tests was equal to 34, 000 in.-lb which is ap- 
_ proximately 80% of the capacity of the ‘model, The ultimate capacity of the — 
4 model was checked at the end of thetest series by loading the model to failure; a 
_ the failure occurred by local buckling of the shell, 
one The nine strain locations on the § stiffener start with No. 1 at the top of th the ‘ 
stiffener (compressive side of the » cylinder) « and are e spaced at 22. 5° around A 
the stiffener with No. 9 located at the bottom of the stiffener (tension half of ’ 


the cylinder). These locations are shown in Fig. Ha), i 


_ A study of the curves in Fig. 3 shows that the variation of the stress at ; any 


a "point in the stiffener is a nonlinear function of the ncdtaiientad bending moment 


Tho momonto Ih whirh in tho ta ¢ho hoaam handing _ or 
1 
7 
4 
— 

| 

q 
; 

& 


300 

465 

-1,080 

~1,615_ 


2,850 
1,255 
-1,105 
-2,340 
45] 315| 525, 
1,225] 1,715} | 4,8 1413) 3,323 
295 
“3680 


7 
—_ 1 increases nonlinearly until the applied bending moment reaches : a certain 
-_-value, after which the tensile : stress begins to decrease with the increase of 
the moment. On the other hand, the stress at Point 9 increases with the in- 


type of sn types of action are presented to explain the above stress — 


The flattening of the cylinder; is an increase in the horizontal 

: ameter and a decrease inthe vertical diameter of the aan This is caused 


T, 
5 10 | 35 | 110} 235 15] 65 185 375 
95 | -190 |- 325|- 465|- 600) - 45 | -105 |- 205/- 330 
| -105 | -230 |- 430 655|- 945| -110 | -250 |- 480|- 760 
| -345 |- 665 |-1,025|-1,435 | -180 | -400 |- -1,160 
1 | 150 | 510 990 
| 88} 63 |- 7 
-165 |- 445 
10 | 30 | 100 
4 15 315 165 
| =-95 | -15 105 
oe. 
| 12-1/6 | 19-1/6 | 26-1/6 | 5-1/6 | 12-1/6 | 19-1/6 | 26-1/6 
ad 235 | 580. 985 | 1,390 450 | 1,093 | 1,760 | 2,415 
“| 
| 
Lile app moment, With no reversal in Increments OI the st 
ae gue The foregoing behavior suggests that the stresses on the stiffener, 7 
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300 
- 210 
260 
580 
190 | | 
720 
-1,240 


1,680 
720 
-1,380 


Minus Bending, 


3,920 
1,805 


by the curvature of the cylinder when subjected to bending, whereby the longi- - 
‘tudinal stresses at both the top and bottom halves of the cylinder will have re- 
sultant forces acting towards the center of the cylinder, thus Coen it to 
_ 2, The increase of the radii of the cylinder ot on the ci compression side and | 
their decrease on the tension side due to Poisson’ ratio. — is 


ferred to as | the ‘bulging of the cylinder. 9 


Fig. 4 the the face of t the 
to the two types of action - the flattening and the bulging. Both of these two 
actions have the same sign of ‘Stress at Point 9 9 and) opposite signs at Point ‘. 

7 ‘At Point 5 flattening will be the main contributing factor tothe stress, whereas 


bulging will be the main COENEN factor to the stress at Points 3 and T 


— 
— 
an 167 
% — 
— 
| 
218 | 6,744 | 11,522 |16,299 |21,077 | 3,218 | 6,744 11,522 | 16,299 21,077 
65 | 220/ 315 | 400) 40 160 200 
305} 555 | 840 40 110 270 180 
35 | 240 765 40 120] 
= 45} 310 | 40 = 100 350 
55 |- 215/- 320] - 460] - 80 | - +130 be 210 
270) - 515|- 820] -1,170| - 70 | - 200) - 440 
-200 | - 435 | - -1,285 | -1,805 | -180 | - 400] - 780 820 
Loading 
¥ 1 
135 3,000) 4,540 | 6,010 
80 | 460) 1,400} 1,810) - 10 | 640} 1,260) 1,850 | 2,310 
65 | - 355 | - -1,525 | -2,105 | 721,560 -2,500 |-3,470 
| - 780 | -1,910| -3,030 | -4,080 | 40 | -1,540] -3,360/ -5,080 |-6,710 
— 265) 475 | 725 | 40 1,080 
8 | 1,032} 2,442) -3,932 | 5,382 20 3,750 5,850 | 7,990 
55 1,195 1,615 | - 80 1,210 1,860 2,450 
(-120 | - 590} -1,290| -2,030 | -2,820 | - 70 -1,680| -2,720 | -3,780 
-200 | -1,120/ -2,380| -3,680 | -5,010 | -180 -3,040} -4,730 6,430 
a. | q 
5-1/6 | 12-1/6|19-1/6 26-1/6 5-1/6 | 12-1/6{ 19-1/6} 2-14 
— 745 | 1,770 | 2,840 21,210 | 2,700 | 4,240 5,810 
| 810 660 | 1,310 | 2,060 3,090 
485 | -1,135 | 840 > 690 1,720 2,760  -3,670 
— 915 2,215 | -4,920 | -1,650 | -3,630_ 5,660 | -5,530 
1,032 | 2,397 797 | 5,072 (1,640 | 3,650 | 5,660 7,640 
375 515 | 2,075 | 2,160 | 2,999 
320 | - 775 | -1,650 | - 520 | -1,240 | -2,000 | -2,630 
| 
' 
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of Fig. 4 the behavior o of the stresses in Fig. 3 and points 


ig to the fact that the stresses due to flattening vary at a mead rate _— — 


THEORETICAL INVESTIGATION AND CORREL/ CORRELATION 
WITH EXPERIMENTAL RESULTS 
Effect Flattening of Cylinder. _The flattening of the cylinder is 
a4 in Fig. 5(a), ‘both the and tensile longitudinal stresses at 
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the top and bottom halves of the re resultant forces, 
c R, parallel to the plane of bending (vertical forces) and acting toward the in-- 
; side of the cylinder . The longitudinal stress ox, at at any — @ measured dfrom — 
the as shown in Fig. 5(c), is equal to 
= co 


= 


n which t is the — the woe ok 
"flattening of the cylinder is, therefore, “equivalent to subjecting it to 


pressure is - cos per unit area of surface 

by L. G. Brazier. The distribution of the forces on any stiffener, 
asa result of flattening of | the cylinder, is assumed to vary according to the 

per unit length of term which 

oo the unit of length, will be shown to be a complex function varying with the 
‘spacing S of the stiffeners and with the other parameters of the problem. van 
The bending moments, Mr, and the normal forces, Nr, i in the stiffener sub- _ 


(4b) 
4a shows moments in the stiffener vary | in inverse proportion 
to the square of the curvature of the cylinder. The curvature of a long unstif- 


fened cylinder subjected to pure bending varies nonlinearly with the moment, 
due to the progressive flattening of the “e* as was pointedout by Brazier. 2 


he: of the longitudinal stresses acting toward the inside of the 
_ cylinder can be computed: 
versely and longitudinally 
| 
| 
| 
2 — 
| 
— 
= 


STRESSES 


if no- progressive flattening is assumed then the moment is related to’ to the 


‘Both Eqs. 5 and i6are plotted in Fig. 6 for the model considered. enite 
aa] For a stiffened cylinder the true curve, expressing the relationship tween 


| teventashle, should fall between Curves 5 and 6 of Fig. 6. It is reasonable to 
assume, _ however, that the curvature, 1/p, varies linearly a the moment as 
— given by Curve 6 especially for the lower values of M, where the divergence 
_ betweenthe two curves is negligible. Onthe other hand the use of an assumed 
curve > falling between ‘5 and 6 is more justifiable for the higher values of the 
Fig. 7 shows a comparative plotting a the stresses on the outside face of 
_ the stiffener at Point 5, due to flattening, as a function of the applied bending 
‘moment on the cylinder. The experimental stresses at Point 5 obtained from 
_ the pure-bending-moment tests onthe cylinder are assumed to be caused = 
by flattening. Both the experimental and theoretical stresses are plotted rela- 
gs to the stress when M = 11,522 in, , Ib; M= “11, 522 has been chosen for no 
reason other than convenience as this moment is one of the experimental mo- 
ments shown in Table 1(a) and (b); any other base moment, however, could 4 
a It should be noted that the experimental results agree very well with the 
experimental values, as shown in Fig. 7. Fig. 7 shows that there is a definite 
' - flattening action inthe cylinder and that the stresses a at Point Sinthe stiffener 
are maitly contributed by this flattening action. _ 
ss closely spaced rings, the flattening forces can be assumed to be entirely _ 
‘resisted by the stiffeners in which case K can be taken equal to the stiffener 
spacing, The moments in ‘the: stiffener will therefore reduce 
_ If p, which is the radius of curvature of the cylinder, is taken n equal toE yM, _ 
7 then the moments in the stiffener, My, will take the form ~. 


in which I is the of inertia of the taken equal tomr3t, 
Eq. 8 is an approximat< ‘ormula for determining the bending moments ina 

ring stiffener due to flattening. A better approximation, however, can be ob- - 

‘tained by establishing a more accurate value for the function K. The following 

_ paragraphs present the procedure used to establish the major parameters of K: 
_ The vertical pressure acting onthe cylinder as a result of its flattening \ will 

_ be resisted in both the transverse and longitudinal directions. This resistance 7 

can be closely approximated by assuming that it is similar to a beam subjected - 
to a uniform transverse load and supportedonan elastic foundation, The param- 
eters of K can, , therefore, be obtained by studying the analogous problem of an 
_ infinitely long beam (Fig. 8) loaded by a uniformly distributed load q, and uni- 
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supported by an elastic support spring constant is Kj. The con-— 


> 


tinuous beam is also supportedat different points by concentrated elastic sup-— 
ports whose spacing is equal to S and whose spring constant is K2. 

‘The magnitude of theforce F in any one of the concentrated elastic supports 
can be obtained by the method of superposition, as illustrated in Fig. 9, > 

_ 9(a) shows the elastically supported beam actedonbythe uniformly distributed | 
load q and Fig. shows the supported beam acted on on by the con- con-— 


The (Fig. 9(b)) due to of concentrated supports 
"should be equal to Aj minus the deformation in the elastic concentrated sup- 
port. This relationship can be written as 


The value of AF canbe obtained use eof the 
ing use of the displacement curve of an elastically supported, infinitely long e 
beam, acted on by a unit concentrated iene as Shown in Fig. 10, The displace- 
curve? is Given by 


dx) + sin(ax)] } 


nds) + sin(n 


cath 
nds) + ‘sin(na 


. 


5 “Beams on Elastic Foundation,” by M. Hetenyi, The Univ. of Michigan Press, Ann 
_ Arbor, Mich., 1946. 


| 
| 
8 the value of Af as given in Eq. 13 is substituted into Eq. 10, then F can be | 
— 


oe resistance of the eliitennne when subjected to the flattening action en 


be analogous to the resistance of the concentrated elastic supports, whereas _ 


_ the resistance of the shell will be analogous to the resistance of the uniformly 
‘ distributed ela elastic Supports. Therefore, the forces on the stiffeners K 


(Fig. 5(c)) will be assumed to have the same form as the force F of Eq. 16, in 


2.—VALUES OF FR FROM EQ. 15 


a 


0. 
0 
0. 

0. 
0. 
0. 
0. 
0. 
ke 
1. 

1. 


. then the force F of Eq. 14 will be | 
> 
— 
0.921 
— 6.667 1.60 | 1.295 3 — 
4,002 1.80 | 1.174 | 4 0.973 — 
2.2300 2.40 | 0.976 6 1.004 
: The parameters 
which Cj and Cg are constar m 
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= 
nr results are used ils average values for the constants 
=. and Co. The experimental stresses due to flattening were separated sane 
_ the pure-bending-moment tests by assuming that the stresses at Point 5 are 
_ caused only byflattening and that the variation of the stresses around the stif- 
fener due to flattening are proportional to cos(2 ¢). Wee POs 
- _ The results of the tests made on both the 1/4 in. by 1/8 in. and the 1/4 i in. 
by 3/16 in. . stiffeners were used to determine values for Cy and Cg sothat the 
ee equations would agree with the experimental results. = method of 
determining the coefficients Cy and C2 is as follows: ri 43 | 
For any stiffener spacing and applied r moment, M, the stress ata specified 
’ ‘point o on the stiffener is computed by using Eqs. 4, This stress, which is ex- 

: 7 pressed interms of K, is equated tothe stress obtained from the experimental 
results, thus resulting in what one might term the experimental value of K If 
for any combination of ring spacing and applied moment, M, one : computes the | 
_ experimental K for the two different size stiffeners, then a set of two simul-_ 

__ taneous equations are obtained _by substituting these values (Of ‘Ki in 7 17, 
These two equations can then be solved for Cy and Co. 
_ Different sets of ring spacings and applied moments wore weed which re- 
‘sulted in different values for Cy and Co. The average value for each coefficient 
was used which resulted in values for Ci = 1,0 and 1 C2 = ah 1. It should be 
_ stated that, although values. for Cy and Cog cot could have been easily chosen so * 
that Gone point would coincide with the calculated curve, never- 
theless, this agreement would not have been possible for all the experimental 
points if the general form of Eq. 17 were not correct ke. br x ae 
_ The effective width of the shell acting as an rater past of the stiffener 


gated herein, It might be stated, however, that the effective width is, among 

other things, _ dependent on the type of stress, the material, and the method of 
connecting the stiffener to the shell. _ The value of 24 24 t was aa chosen 

as an average value used in problems of this type. _ : 

Fig.11 gives the variation of both calculated and stress in 

= ‘stiffener, due to flattening, at at Points 1 and 9 (top and bottom of the ‘Stiffener) — 

asa function of the spacing of the stiffeners. The calculated stresses were — 

obtained by using Eqs.4and17, 00 

a _ Effect of Bulging of Cylinder.—The bulging of the cylinder is caused by ae 

increase of the radii in the compression half and a decrease of the radii in the : 7 

tension half of the cylinder due to Poisson’s ratio. The longitudinal stresses — 

in the cylinder du due to an n applied pure poe moment will be equal to 


| 
N 
— 
— 
— 
| 19) 
in which¢ is measuredas sho ion, 
6, from its originally circular shape can be written inthe form: | 
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4 _STIFFENER STRESSES 
The distribution ¢ of the radial forces onthe atiffeners will be to be 
1% oP proportional to the radial displacement 6 or equal to Z cos ¢. The tangential 7 
forces will be assumed be Z sin which the equilibrium conditions 


(Fig. 13). 


a it the ‘Shear and ‘normal deformations are ignored, then the loading of Fig. 


Radial Forces « = Z cos g 
= sin | 


— 


‘the — in the ring is approaching a minimum, ‘For. this condi- 
tion, of no bending moments, the normal the ring will be given by 
Asa resultof the bulging of the cylinder, the stiffeners are mainly subjected © 
to normal forces as given by Eq. 21. For this reason the major parameters 
of Z of Fig. 13 canbe obtained by utilizingthe solution of the following wonaerl 
_ problem: Consider an infinitely long cylinder subjected to uniformly distributed 


loads, acting along different circular sections and spaced ata distance 


27) 
SZ 

‘FIG, 12,- ILLUSTRATION OF BULGING OF CYLINDER 

FIG, 13,—DISTRIBUTION OF FORCES ACTING ON A RING 

STIFFENER DUE TO BULGING OF CYLINDER 
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og e radial displacement of the Sialiat sai under any one of the F loads canbe — 
4 obtained by the reciprocal theorem if one uses the solution of an infinitely long - 


— loaded uniformly along one circular section as shown in Fig. 15, rhe 


Using the the reciprocal radial Aisplacement, ‘Ap, in 14 


4) 


8 s) + + > 


sin(n, ps) - + cos(n 


; ‘The ‘normal forces in the stiffener produced by the bulging of the cylinder. 
given in Eq. 21. Therefore, the parameters governing the radial 


These ‘displacements ‘should be equal to the displacements 
_ _ the cylinder due to — (g iven by Eq. 20) , minus the pressed by 


rr 


_ 6 “Theory of Plates and Shells, a ‘8. ‘Timoshenko, McGraw-Hill Book Co., 


= BEB x) + cos(ex)] 
| 
y 
ps) = 
forces F (Fig, 14) can be written as 
Se =: The tangential components of the forces F (Fig. 14) can b — _ 
ey 
ia 
— 
— 
— 


STIFFENER STRESSES 


3 Solving for Z of Eq. 28, one obtains : 


‘FIG, 14.INFINITELY LONGCYLINDER SUBJECTED TO EQUALLY SPACED 


F /Circumferential 


unit: 


The value of Z 
:~ Eq. 29 shouldonly be used to establish the parameters rather than the mag- | 
e.-.- of the forces acting on the stiffener. Two constants can be introduced 
to define the magnitude of Z which will make it possible to express the value a 


ee It should be noted that the purpose of using the results of another problem [iim 
4 _ was to establish the major parameters relative to the magnitude of the forces | : 
i. 
7 
FIG, 15.—INFINITELY LONG CYLINDER SUBJECTED TO UNIFORMLY DIS-— 
TRIBUTED RADIAL LOADING ALONGA CIRCULAR SECTION 
ave (30) 


Decembe: 


“th the value 2 of Z Zi as aaitied by Eq. 30 is substituted ; into Eq. 21, then ; 


in which . A, is the cross-sectional area of the stiffener, | 
~ Values of C3 = = 1.0 and C4 = 0, 7 were established by using the experimental 
data for the two sizes of stiffeners used, The method of determining C3 and 
C4 is similar to that used in determining Cy andC2, 
According to Eq. 32 the stresses in the stiffener, due to bulging, will vary 
linearly with the applied bending moment onthe cylinder. This is substantiated 
by the experimental results as shown in Fig. 16 where both the experimental 
and theoretical stress at the top of the stiffener (Point 1) are plotted Telative ; 
the stress when M = 11,522 in. lb. The stress at Point 1 = 11,522 
in, lb is taken to be ‘equal to unity for both the theoretical and experimental 
+The variations of the stresses around the 1 ring stiffener due to bulging should 


shown in Fig. 17. The diacrepancy between the calculated and the experimen- - 


tal stresses can be attributed to the following: 


—— distribution of the experimental stresses around the stiffener, caused | 
me by the flattening effect, was assumed to be identical with the results of the ‘ann. 
_ lytical investigation. This means that all the experimental errors are carried 
over with the experimental stresses due to the bulging of the cylinder, =| 
2. The stresses in the stiffener due to bulging are computed on the basis — : 
of a certain distribution of forces acting ona perfectly circular section thus 7 
producing no bending moments in the stiffener. Any slight variations in the © 
circular shape of the stiffener or in the distribution of the forces can produce 


bending» moments in the | stiffener which will result in changes in 


7 agreement between the experimental results and the calculated curves is rea- 
“ Separate Effect of Local Loading.- —The bending moments inthe vanbiitee: if 


ten and to bulge as a result of the general bending action of the cylinder. 2 

: addition to the flattening and to the bulging of the cylinder, the local loading 
io will have a separate and an appreciable effect on the ring stiffeners, 
_-_If the cylinder is loaded by uniformly distributed radial loading on the top 
half, then the forces on the stiffeners, due to the Separate effect of poy load 
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e of the radial pressure on the ‘cylinder. The tangential forces” 

be 


of — w' sin ¢ will ‘Satisfy the equilibrium | condition, © ‘This distribution will 


shown later to in agreement with the experimental results, 
___ The bending moments and the normal forces in the ring loaded as shown ins 7 
‘Fig. 19 9 are given | by the following 


os sin 


= 008 - sing +> sing )w 
in which +M; designates tension onthe outside and +Ny designates tension 
K' (Fig. 1 19), which has the unit of length, is a function varying | with the ‘s 


The 


K'w wt /circumferential unit 


oN STIFFENER DUE T0 SEPARATE E 
LOCAL RADIAL | LOADING 

spacing of the stiffeners with the other parameters of the pr The 

- maximum value that K' can assume is S (spacing of the stiffeners) if the shell | 7 
is assumed to be completely ineffective in resisting the local forces. A more — 
accurate evaluation of K' can be obtained by assuming that K' has the same 
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nom as K of Eq. 1, or: 


1 values of Cs and that will best sz satisfy the data were 


found to be equal to 0.21 and 0.45, respectively. 
_ The stresses in the stiffener due to the separate effect of the local loading 
should vary linearly with the load according to Eqs. 33 through 36. The com- 
parison with the experimental data is shown in Fig. 20 where both the theoreti- 
cal and experimental stresses at the top of the stiffener (Point 1) are plotted 
relative to the stress when W = 12- 1/6 lb. Both the theoretical and experi- 


mental stress are taken to be equal to unity when W = 12-1/6 lb. _— ro 


rate effect of the local radial loading ‘is given in n Fig. 21 for both calculated ’ 
and measured stresses. It is important to note here that the good agrecmnent 
between calculated and experimental values (Fig. 21) shows that the assump- 
tions used in . establishing the forces on the rings due to the separate effect of 
the local loading are reasonable assumptions. 
22 shows the variations of the stresses inthe stiffener dueto the sepa- 
rate effect of the radial local loading, as a function of the spacing of the stif- 
- feners. Both the calculated stresses and the experimental stresses are shown 
for the 1/4 in, by 1/8 in, stiffener at Points 1 and 9 (top and bottom of the stif- 
; fener). It should be noted that the values of C5 and C6 were chosensothat the 
best agreement was obtained between experimental and calculated stresses at 


_ both the top and the bottom of the stiffener. It is believed that the discrepancy 


| 


the local loading. -on the cylinder produce un uniform radial 
pressure on the top half of the shell. This assumption can be in error due, — 
primarily, to the frictional forces between the bands and the shell. It is in- 7 
teresting to observe the better ‘agreement between calculated and measur 
stresses on the bottom half of the stiffener (Fig. a. 


CONCLUSIONS 
~The three types of action that are treated herein, iia bulging, and a 


the separate effect of the local loading) are considered to be the major factors. 7 
in determining the forces acting on ring stiffeners in long thin- walled cylinders” 
al For each type of action the assumed forces c on the stiffener resulted ir in a 
distribution of stresses around the stiffener which were e shown to agree rea- 
sonably well with the experimental 
_ It can be stated, therefore, that the stresses in the ring stiffeners can be 
+ approximately computed by the for mulas developed in this paper. _ The bending 


moments and the normal forces due to ee can -” seeatae by Eqs. 4 
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and re whereas the —_—er due to bulging can be computed by Eq. 32, 
From the limited experimental results, values of Cy = 1.0, Co = 1.1, Cg = bi 
1,0, and C4 = 0.7 are recommended for use in conjunction with the foregoing 
7 equations, It should be noted again that these coefficients were obtained from 


tests on one ‘The however, were Changed in| in size and 


5 the local loading a depend on the distribution of the local forces on the cyl- 
_inder, To illustrate this type of action, one particular | kind of local loading 
was investigated, 


_ The maximum stresses in the oii can then be obtained by a combination 
of the foregoing three actions. 
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-APPENDIX.- -NOTATION 


— "The following letter symbols, adopted for use inthis paper and for the guid- 7 

ance of discussers, conform essentially with “Letter Symbols for Structural: 
Analysis” (ASA Y-10 1961) prepared by a committee of the American Stand- 
ards Association with the Society representation, andapproved by the Associa- 


ton in 1961: 
id 
= cross-sectional 
= constants; 


modulus of elasticity; 


moment of inertia; 
Pe moment of inertia of stiffener; 


= complex function vai varying withthe spacing of the s stiffeners and other : 


parameters, de definedin Eq.17; 


= spring constants; 
= bending moment; 


= bending moment in the stiffener; 4 


7 “An Experimental Study of the Stresses in Ring Stiffeners in Long Thin-Walled Cyl- 
inders Subjected to Bending.” by W. S. Rumman, thesis presented to the Univ. of Mich- 

_ igan, in Ann Arbor, Mich., in 1959, in partial fulfilment of the requirements for the de- 
gree of Doctor of Philosophy, = 
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= ‘normal force in the e stiffener; 
= load in basket for pure- -bending condition; 
uniformly distributed load; 


= wall thickness of cylinder; 


‘pagal pressure o on n the cylinder; = 

= longitudinal direction; 
= vertical ‘direction; 

y= vert im © of 
= terms defined in ‘Eqs. 23 and 


poe 


< 


= Poisson’ s ratio; 
curvature of the e cylinder; 


= terms defined in Eqs. 12 and 18; > 

be 
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ormulas for areas under the influence line are presented for use in the 
_ computation of maximum moments at any point in girder spans of continuous” 
structures carrying uniform load. The girders are assumed to be of constant 
cross section. Two cases are treated, namely, beams or girders receiving the 
| uniform loading directly, and girders in which the u uniform floor loads are ap- as 


plied in the form of floor beam concentrations. 


7 Continuous beam- or girder-spans in which the uniform loads are applied ? 
directly are examined, and | equations of the influence line for 1 moment at any 
point of a particular span are derived, together with formulas expressing the 
total areas under the influence line. ‘Subsequently, criteria are given for as- 

_ certaining whether or not partial- -Span loading is required in order to obtain 

° 7 maximum moment, and formulas for v use in this case are presented for the | 

evaluation of the partial areas under the influence Mee, 
3 A procedure similar to the preceding one is used in application to girder- _ 


; spans in which the live loads are applied through floor beams. Numerical ex- : 
amples illustrative of the equations and procedures are presented. Methods 


for de determining the boundaries of the regions of are examined. 


_Note.—Discussion open until May 1, 1962. To extend the yo smn date one month, a> 


: written request must be filed with the ‘Executive Secretary, ASCE. This paper is part | 

i of the copyrighted Journal of the Structural Division, Proceedings of the American So-- 
ciety of Civil Engineers, Vol. 87, No. ST8, December, 1961. 


ol Prof. of Civ. Engrg., Univ. of Illinois, Urbana, ° 


MOMENTS AT SELECTED POINTS IN CONTINUOUS GIRDERS 
+ 
( 
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The principal terms employed herein are defined as follows: a _ " 


Primary span is the span containing the ee reference section; >» 


Secondary span describes any span other than the primary 
Primary region of par rtial loading denotes a region, in the primary span, 
within which, for all reference sections contained therein, partial loading of — 


that span is required in order to obtain maximum moment; © 


_ Secondary region of partial loading refers to a region, ‘in the primary span, 
- within which, for all reference sections contained ther ein, partial loading ofa 


particular aeceniary span is required in order to obtain maximum moment; 


> ° 


moments describes the moments in any span, 
from unit load at a specified point of a given span; and 


-u-moments refers to the indeterminate moments inany span, resulting from 7 
a unit negative f fixed-end moment at a | specified end of a given Span. i - on 


_ The m-moments and u-moments are further defined by two subscripts, the 
first of which | designates the location of the moment, and the second, the point 
application of the corresponding unit load or fixed-end moment. 
mOFig. l(a) represents a primary span, the reference section being at one of 

_ the ends of the span or at an intermediate point, I, Fig. 1(b) shows the m= 
moments produced at points A, a. and I by a unit load at point C [Fig. “1(a)).. 


section denotes the section tO Which a particuiar 

| 

— 

Partial areas denotes the two areas, one positive and the other negative, oc- 

4 

- 

— 

a 

i 

— 


The length of the span is designated by L, and t the locat: location of point C is given 
by the abscissae x and z, measured from A and B, respectively. The location 


of the reference section is given by the distances X and Z, measured from A 
and B, respectively. ‘Ordinates to the influence line in the primary span are 
ia Fig. 2 illustrates a secondary span, with a unit load applied at point c. ” This 7 
unit load produces end-moments MAc and mg¢ in the primary span, and a mo- © 
4, ment mjc at the reference section,I. The length of the span is designated by 1, — 7 
and point c is located by the abscissae x and z, measured from the end-points, 
a and b, respectively. — Ordinates to the influence tine ina 4 secondary span are 
denoted 
__In the case of the influence line for moment at an interior support of a se- 
ries of continuous Spans on simple ‘supports, either of the spans adjacent to the 
support may be taken as the primary span. was 
—_. The m-moments can be expressed as simple functions of the u- moments, | 
The latter may be conveniently evaluated with the aid of a that give the 7 
oi moments produced by a unit ‘couple (or unbalanced mome 
—- at the various joints. Sets of analytical data in this me are shown 
3 and 4 for use in subsequent numerical examples. _ Analyses of the 
are ven in Figs. 3(b), and 3(d). 


‘Similar analyses” fora 

to 4(d), inclusive. The ¢ quantities enclosed in circles in Figs. 3(a) al ‘A(a) are 7 
_ the relative stiffnesses of the members, that is, the relative values of the mo- 

- ment of inertia divided by the span length. 7 “The modulus of elasticity is as- 


_ sumed to be constant. In numerical examples, a particular : span is identified | 


to span number, counting from lefttoright. 


The signs of all moments follow the so-called “designer’s convention,’ ” the 


ie being positive or - negative according to whether the upper fibers are 


in compression or tension, respectively. With this sign-convention, equations 
developed for one end of a span are e readily adapted to the other end by inter- 
The analyses shown in Figs. 3 and 4 were made by the slope- deflection Z 
_ method, and the signs were then changed wherever necessary to conform to 
the stated sign-| -convention. In accordance with Eqs. 3a, 3b, 18a, and 18b, to be — 
presented, the u -moments are obtained by superposition. ‘Therefore, i in a giv- 
en set of slope-deflection equations, the right-hand term of the joint equation : 
for the joint where the unit unbalanced moment is applied is placed equal to © i 
unity, and the right-hand terms of the remaining joint equations are zero. Page L al 


> 


= 


‘sidesway as in the single-story frame in Fig. 4 (there being n 


g 
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> 

— 
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: 
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lateral forces), ‘the necessary additional equation also has a zero right- hand 
term, , consistent with the “requirement 1 that the sum of the column shears be — 


zero. The ane shown in Fig. 3 were carried out concurrently, | as were 
‘The determination of the magnitudes and signs of the u- — from 1 anal- 
-~yees such as shown in Figs. 3 and 4 is explained indetailinExample1. 
_ Notation.—The letter symbols adopted for use in this paper are defined 


where they f first appear | in the text, and are —— d alphabetically, for con 


BEAMS OR GIRDERS W WITH DIRECT UNIFORM. LOADING 


venience of reference, in Appendix I, 4 


Primary Span. _—Referring to Fig. the fixed- end moments resulting 


a unit load at ec are -—> and - —=, at A A and ‘iB, respectively. With } the joints 


_ in terms of u-moments, are 


At an inte 
a unit lo: oad : at C, obtaine 


Z 


"Substituting ‘Eqs. 3a and ‘3b into Eq. 2 


} 
For a ‘reference section at an the influence ordinate 
is the algebraic sum of mjc ont the simple beam moment due tounit load atC. 7 


= +x x up): + 2x) | (Sa) 
x 


>= 


= 

if 

4 

: 

= (2 Upa + x Upp). 

section, I, the indeterminate moment resulting from : 

dd by interpolation from Eqs. laand 1b,is 

tt 2 

tm 

The following relations are also obtained by 

— 

f 
y 
J = 
and 
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CONTINUOUS GIRDERS 


e ends of the span, _ For example, when the reference section is at B, Eq. 5a 


a otc with Z =0. . Upon replacing the subscribt I with B, the following rela- 
ti 


on is obtained for the equation of the influence line ~ i & 


facilitate integration, the relation ony + =lis in rewriting ‘Eqs. Sa 


and 5b, as 


- 
2 


omer 


Jy dx = - UB 2 - 


4 


Integration of Eq. 8 results in the following formula for the total area 


_ Formulas for the areas under the influence line for moment at A and at B 


are obtained from Eq. 9 by replacing the subscript I byA and by B, respective- 

iy, and omitting the finalterm,. = 

a When the influence line within a given primary span contains both a positive 

~ portion and a negative portion, < as in Figs. 5(b) and 5(c), the reference section 
: lies within a primary region of partial loading, that is,a region within which it © 

is necessary touse partial- -span loading of the primary span in order to obtain | 
: maximum moment. Such a regionoccurs in the neighborhood of every fixed or. 
continuous Span-end, and, in beams or girders subjected directly to uniform 
- load, it begins just inside the Support and extends to an inner boundary, beyond — 
“which point the influence line, in the primary span, becomes wholly positive. 

—_ In order to obtain, with certainty, the maximum moment at a selected point 7 

in a beam or girder, it is necessary to know whether or not the reference sec-— 

_ tion lies in a region of partial loading. In the following analysis, the span- end 
“that is nearer to the reference section is designated the near end, the end 
- more remote from the reference section is called the far. end. Three cases 


The reference section is in the en of a continuous end, ” 


of the span being continuous, or simply but non- -continuous; 


a 
? + uA (K=X)... (Ta) 
x2 + UA xX + (x >X) ... (7b). 
— 
g 
+2 
Ey 
— 


usually | exceed Procedures for determining the inner boundaries of 
primary regions of partial loading will be explained subsequently. If, for any 
reason, it is preferred to dispense with this step, the need for partial loading a 
in connection with reference sections in the vicinity of a continuous end is 
readily investigated by means of the derivatives of Yat the ends of the span (or 
by ascertaining whether a point of zero ordinate occurs in the influence line 
between the reference section and the far end of the span). 
_-*In case 1 the desired derivatives are Ya, the value of dY/dx at A, and YB, 
the value of dY/dz at B. These quantities are the end-slopes of the influence — 
line, and they are positive when the influence line slopes upward from the end 
towards the center of the span, as in Fig. 5(a). Figs. 5(b) and 5(c) show typical 
a influence lines representative of case 1, in which partial areas occur. As seen — 
from the figures, when the reference section is in a primary region of partial | 
_ loading the end-slopes are opposite in sign, ,and the sign of the partial area ad- 
jacent to a given end agrees with that of the end-slope. The slope at the near 
end of the primary span is positive in all rym lines for moment at refer- 
‘a sections lying within a distance of L/4) (or even L/2) from that end. 
Therefore, if the slope at the far end is negative, the influence line contains 
partial areas, as in and 5(c). 


ur 


from the of the influence line at 


x 


‘ates that the slope at the far end is zero. In this case, if the rate a change 
of ae, -Y", at the far end, is negative, , the influence line contains partial 
areas. Differentiation 10 — 


from which 


> 
pew 2. the reference section is in the neighborhood of a continuous end, the far § 
+ 
| 
| 
4 
| 
slope of the influence line at B may be obtained trom Eq. Ila by rewriting 
 Yp = upp + (lib) 
B-T (2 UIA - UB ) (12) 
 &§ Eq. 13a is for use in case 2 when the reference section is near the right end of fy 
_ span, as in Fig. 5(b). The corresponding relation, for use when the refer- 


— 
| _— 
me, 
— 
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ence section is near the left end of the as in 5( 3(c), is s obtained by re- 


iv case x the length of a primary region of partial loading adjacent | toa 
fixed end of a beam, of constant cross section and subjected directly to uni- 
form load, is L/3, and therefore the influence line for moment at any refer- 


tion within this range contains partial areas. 
Bs When partial loading is required, the negative partial area is first computed, 
and the positive partial area is then | Obtained by algebraic subtraction of the 7 
area from the the total area, Eq. 9. 
_ When the reference section lies in the right- hand region of partial loading, — 
as in Fig. 5(b), the upper limit of integration is Xp. In order to obtain an ex- 
pression for the determination of XD, the > influence ordinate given by Eq. Ta is © 


placed equal to zero, from which, with x = =x, the following quadratic equation 


The area under the negative portion of the sea line i is s then 


ud 


For reference sections lying in the left- — region of partial loading, as in 


Fig. 5(c), the er ee limit of ee is 3 Z:. _ Its value may be obtained from 


2 Up - YA = * 0, YB < 


The area under the negative of the influence line is given by 
B ~ “IA) ma) | 


at care - - (x2 at a and b, Att the 


a” of the primary span the “indeterminate” moments produced by this unit loadare — 


0 


obtained by 


at a and b, respectively. At th 


/ 
load at c are - nd (=F 
per ‘span the “indeterminate” moments produced by this unit 1 


: 

4 
| 
&§ 
| 
i, 
% = 
4 
: 
dx = — - ( 2 UIA - ) 
4 
ra | 
> 
.. (14b) 
- 
— 
= (2 Upa + X UBb) 
the pondi ment at an interior reference secti _ 
The corresponding moment at an interior referer 
ends of the 
mad are 
* 


“The following « additional relations are alee obtained by Interpolation 


tained from Eq. 19 by replacing the subserpt I by A or by E B, as the. case e may 
_ The total ‘area under the portion of t the (atheunes line represented by Eq. 19 


= 
= 


a The ent slopes of the influence line ina secondary s span are y vh, the value 


of dy/ dx at a, and Yo , the anes of dy/dz atb. From Eq. 19 these end- slopes 


7 slopes are both negative, the area | under the influence line aa likewise > neg 


more secondary spans in order to obtain maximum. at. a given refer- 


section lies ina secondary | region of partial loading, Ya por) Yb are opposite in 
sign, and there isa negative partial area at the end having negative slope and 
a positive partial area at the end having positive slope, as in Fig. 5(e). In such 
cases, the influence ordinate becomes ze: zero at some the abscissa of 
—~ 


| terpolation from Eqs. 16a and 16b, is 
— 
Upon substituting 7 and noting that my, is the 
- : _ influence ordinate, y, the following equation is obtained for the influence line | 
When the reference section is located at one of the ends of the primaryspan, _ 
| 
- 
ay | well as in various other cases, secondary regions of partial loading occur, — a 
| 
a i 


which | is The, frm Ea 


area from a to d 


2 


dx 


Xx 
7 


With ‘the i 1 of the relations given in sen: 22 and 23a, , Eq. 24 4 may be sae 


= 
The partial area from b to d, Fig. 5(e), may be found by algebraic subtrac- 
- tion of the area given by Eq. 25a from the total area a, Eq. 20, or byr rearrang- 


- vicinity of a continuous end are = a primary region of celled loading (1) if, 
_when the far end is continuous, or simply supported but non- continuous, , the 
S slope of the influence line at the far end, as given by Eq. 1la or Eq. 11b, is neg- 
= ative; or (2) if, when the far end is fixed, the rate of change « of slope of the in- 
fluence line at that end, as given by Eq. 13a or Eq. 13b, is negative. For ref- 
_ - erence sections in the right- hand primary region of partial loading, the nega- 
tive partial area is given by Eq. 15a, where xp is found from Eq. 14a. For. 
reference sections in the left-hand primary region of partial loading, ,the neg- 


hs 
4 
ing Eq. tO read trom rignt eit, aS 
Summary.—In the primary span, the total area under the influence line is 
given by Eq. 9, in which the quantities uyq and uyp are computed in accordance 
= { as with Eqs. 3a and 3b. Reference sections within a distance of L/3 from a fixed | .&§ 
> 


= 


A In. secondary s spans, the total area under the influence line is 5 computed from 
= Eq. 20, where the quantities UJg and ujp are as given by Eqs. 18a and 18b, re- 
. 4 spectively. If Ug and Up, are opposite in sign, the influence line in asecondary 
span contains partial areas. In this case, the partial area adjacent to the left 
= of the span is computed by means of Eq. 25a, in which the quantity Xq is 
obtained from Eq. 23a, 


se unless otherwise stated. . ‘It is assumed that the floor panels act as sim- 

_ ple beams in transmitting their loads to the. girder at the panel-points, and ac- by 

cordingly the influence line for moment at any reference section is polygonal 
in shape, the successive ordinates at the panel- points being connected by — 


‘ly: the of the panel- point ordinates. "Whereas ‘the reference sections 
may be taken at any point ina span, they would ordinarily be chosen only at. 
the ends of the span, at panel points, and at the boundaries of the primary re- 
gions of partial loading. The determination of partial areas in a primary span 
- would then be involved only at such — points as may happen to lie in the 

primary regions of partial loading, 

With a unit load acting at a specified panel-point, the fixed-end moments 
are the same as for spans having no floor beams, and the values of the ordi- 

nates at panel-points in a primary span are as given by Eqs. 5a and 5b and, in 

s secondary span, by 7 regardless of whether the panels are of equal | or 


Primary Span. 6(a) the influence line for moment at a refer- 
_ ence section, I, located in the central region of the span, in which all ot the 


erence section near the right le of the span, in which both positive and nega- 
7 tive ordinates occur. The length of span is L = NP, in which N is the number 
7 of equal panels and P is the length per panel. 4 ‘The ‘location of a given panel- 
point, at which a unit load is applied and the ordinate Y is to be determined, is 
_ defined by theabscissae x=r P and z=s P,in which r and s indicate the num- _ 
_ ber of panels from A and from B, respectively. ‘The location of the reference 
section is defined by the distances X and Z, measured from points A. and B, 
respectively. If the reference section lies between two penei- -points, X = RP 
+Jand Z=S P+J'; if at a panel-point, J = 0 and J' = P. When the reference 
_ section lies ina primary region of partial loading, as in Fig. 6(b), the point of 
zero ordinate, D', will ordinarily fall between two pene points, E = F, rath- 
In the case of N equal panels, the equations for the ordinates to the influence _ 


u + or u 
(54a Op 
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ve _ Inthe following treatment of continuous structures containing one or more [i 
i 
+ 
: 
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8 ‘CONTINUOUS GIRDERS 
7 ‘Two procedures are available for the computation of the areas under the in- 
a fluence line. In the first, the ordinates are computed individually, and the re- 
quired areas are then determined arithmetically. This procedure is particu- 
- larly applicable to spans consisting of panels of unequal length, in which case 
the panel-point ordinates are obtained from Eqs. 5a and 5b, and the required 

; 7 : areas are then computed by summation of theareas of the individual triangles © 

“a in the polygon. When the panels are of equal length, the ordinates at the panel- a 

4 points may | be computed from either Eqs. 5a and 5b or from Eqs. 26a and 26b. 

i 7 The total area is then equal to P (= Y). In either case, if the reference sec- 
a tion lies in a primary region of partial loading, the location of the point of ze- 7 
ro ordinate, D', is determined from similar triangles, after the ordinates have 

been computed, and the partial areas are then computed. 
_ The second procedure applies only to girder spans in which the panels are 
of equal length. It uses formulas for the computation of the required areas, 
but not involve the computation of ordinates. The total 


L 
under the influence line ina primary span is ; denoted by ; a Ax, and the neg-_ 


ative — area indicated in Fig. 6(b) is denoted by 
_ For the purpose of deriving a formula for the total area, Eqs. 26a and 26b_ 


The total area under the line 
0 wets 


on 


are applicable in the evaluation of the summations in 


a 

4 

— 

i 

— 


the amp expression: 


2, ¥ axe (ura + + + up) 


)+xs s+]. 


‘Substitution “ the relations R == : with subsequent simplifi- 


ati 


cation, leads to 


are zero. For total area under the tine for 


L 


u 


‘differ from those in 1 girders without floor beams in ‘that the former have their 
inner boundaries somewhat nearer the supports than the latter, and their outer 
boundaries are located at finite distances inside the supports, rather than ae a 
an infinitesimal distance therefrom as in girders without floor beams. - When 
‘reference sections are taken at (or in the neighborhood of) panel-points located 


Berra event, the determination of the partial areas involves the following steps: 
(1) Solution of a quadratic equation for the purpose of determining the panel 

- ‘ae which the common boundary of the partial areas is located; (2) use of a 

& formula for computing the negative partial area; and (3) determination of the | 

.positive partial area, by subtracting the negative partial area from the total | 

area given by Eq. 31. 

_ The determination of the boundaries of the regions « of partial loading v will 

ie treated subsequently. If this step is omitted, the possibility that partial 

loading may be required for maximum moment ata given reference section 


near ‘the right- -hand end of the primary span, as in Fig. may be investi- 


the reference section lies at a panel-point, the product J J' is zero. 
7 
at A is 

.&§ 

within a distance Of approximately 4 or less Irom the supports, an examin- 

— 


*¢ - gated by determining the sign gn of v1. ‘the ordinate at the first interior or panel- 
- point on the left end of the span. If Y 1 is negative, the reference section lies | 
. in a region of partial loading. _ The sign of Yj may | be pe from the fol- - 
lowing relation, that is obtained by substituting 1 r =lands =N- 1 in Eq. 26a 


_ The factor @ in Eq. 32a is a positive constant for given values. of N and P, 
In Fig. 6(d), D' is the point of zero ordinate in the influence line, and points : 
and F, with abscissae rE P and rF P,. are the panel-poizts at the ends of the 
: ‘panel containing point D'. The panel within which point D' lies may be deter- 
i mined by finding the two consecutive integral values of r, “namely "E and rr, 
between which the root the following quadratic equation 


which 


og 


_ The negative area indicated in Fig. - 6(b) may then be found from the follow- 


-ing formula, the derivation of which is contained in Appendix any oT 


The sign of Yy- may be ok 


td n Fig. . 6(c .. D' i is the point of zero ‘0 ordinate in 1 the influence line, and points i 


‘ST8 
| 
€ 
4 
= 
OG 
- In the event that point D' falls at a panel-point, the negative area may be ob- -— 
tained from either Eq. 36a or Eq. 62 (Appendix II) provided that rp is taken a 
_ ‘When reference sections are taken near the left end of the primary span, : 
partial areas are involved if Yy.1, the 
[——_  j. point on the right end of the span, is negative ._ 
= panel containing point D'. The panel within which point D' lies may iy ae 
SO g mined by finding two consecutive integral values of s, namely, Sp and sp. The i 
afc. 
— 


“root: occurs | in 


Yp given by Eq. 1b. “The area indicated in Fig. 64) 


Secondary Spans .—A typical interior secondary Fig. 2, of 
_ is subdivided into n equal panels of length p, with a unit load at some panel- ss 
= point c, the abscissae of which are x = r pand z = s p, measured from a and _ 
ei from b, ‘respectively. Fig. 6(d) illustrates the portion of an influence line con- 
> ‘ tained in a given secondary span, where the ordinates are all of the same sign. 
The ordinates at the panel-points o a span are oun by Eq.1 19, 


_may be rewritten as yeep 


The terms uy, and Urp are as given in Eqs. 18a 18b. total area under 


Secondary regions partial loading with floor beams 
der essentially hee Same conditions as in girders in which the live loads ot 
applied directly. The determination of the boundaries of secondary r regions of 
_ partial loading will be treated subsequently. | In Fig. 6(e), the point of zero - 4 
- dinate is d'; points e and f, with abscissae ‘Te p and r¢ p, are the panel-points _ 

the ends of panel containing point . When the reference section les 

ina secondary region of partial loading, the ordinates Yn and yp.4, at the 

r first interior panel-points on the left and on the right, respectively, are Op- 
posite in sign, and the sign of the partial area agrees with that of the corres = 
ordinate. These signs from the relationships 


te 
rt 
— 
— 
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n - ‘Up + + 


7 in which bp isa positive constant for | given values of n “< p. It will be noted 
that when uy, and have the same sign, partial areas are not present. 
_ The panel within which point d d' lies may be determined by finding the two 


consecutive integral values of 1 r, namely Te and rf, between which occurs in 
the equation 2 


the event that Eq. 40 results an of is taken equal to 
rq, with Le =rg - 1. Eq. 40 is basically the same as Eq. 23a, and the subscript 
d refers to the point of zeroordinate in the influence line in the analogous case ~ 


a the live loads are applied directly, as noted in the section “Beams and 
Girders with Direct Uniform Loading.” = = | 


a ‘The partial area on the left side of the influence line, whether positive | (or 

7 negative, may be computed fr oma formula that is similar in form and deriva- 
tion to namely 


2 \_ 


= 


ore 


“The wy area on the right side of the influence line is obtained by subtract- _ 


ing the area in Eq. 41 from the total area, Eq. 38. i on = 
_ Summary. —In the primary span, the total area under the influence line is 
— by Eq. 31, , in which the quantities uza and uypg are computed in accord- 
ance with Eqs. 3a. and 3b. _ When the reference section is in the vicinity of the 
- right end of the span, the sign of Y, is investigated by means of Eq. 32a, and, 
y if negative, the influence line is of the form shown in Fig. 6(b). In this case, ~~ 
‘the quantities G, H, and YA. are computed from Eqs. . 34a, 35a, and lla, respec _ 
tively. Then, rp and rp, the two consecutive integral values of r between which 
the root occurs in Eq. 33a are determined. The negative partial area adjacent 
to the left end of the span is then computed in accordance with Eq. 36a. ‘et 
_ When the reference section is in the vicinity of the left end of the span, 


the 
‘sign of 1 is by means of Eq. sab, and, if negative, the influ- 


4 
> 
i 
- 5 gf ...... (42) 
! 
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ence e line is of _— form s shown in Fig. 6(c). In this case, the quantities Gt. Ht : 
and are obtained from Eqs. 34b, 35b, 11b, respectiv ely. Then SE and 
2 _ the two consecutive integral values of Ss between which the root occurs in | 
Eq. 33b are determined. The negative —_— area ee the right end of 
uence line is given by Eq. 
a in which the quantities Ua onl UJh are found from Eqs. 18a and 18b. The 
_ influence line in secondary spans does not contain partial areas when uy, and — 
Upp are of the same sign. However, when these quantities are of opposite sign, 
partial areas are present if the signs of yj and yn.4, as given by Eqs. 38a and 
39b, are opposite. In this case, Eq. 40 is used for finding rg, from which re 
and rg are the consecutive integral values that are respectively less than and 
greater than mm The partial area adjacent to the left end of the span is then 
computed by means of Eq. 41, in which g and h are obtained ime Eqs. 42 and 


The following abbreviations are used. are used in connection with the numerical (ex- 


amples in Tables 1 to 4: wee 
ine na given span; 
AL = = Total area under the influence line in a given span; _ 


= positive area in ‘Span; 


= negative area in Span, 


= load per foot of. span; 


= maximum positive or negative e live ve Load moment at reference section— 
maximum positive (or minimum. iis moment at reference sec 
(wp At) + ) A +); and 
= maximum — _ minimum 1 positive) moment at referen 


4 Examples 1 and 2 2 (Tables 1 and 2 respectively) illustrate the 1 of 
- formulas in the section, “Beams or Girders with Direct Uniform Loading.” | - 
Examples 3 and 4 (Tables 3 and 4, respectively) deal with the application of © 
- formulas in the section “Girders with Floor beams.” An alternate solution of 
Example 4 is also shown in Columns 1 - 6 of Table 4, in which the ordinates — 
S to the influence line are computed individually and the areas are are _— 


left end of span No. 1 Fig. 3. Detailed computations of and (for span 
No. 1) and of Ua and ‘up f for spans Nos. 2 and 3 as well as preliminary data are 
shown in Table 1. Because the reference section is near the middle of the span ve 
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consists of a series of continuous spans over simple intermetinte supports, 
“Secondary regions of partial loading do not occur. _ Computations of the re- 
- quired total areas are shown inColumn 9. | The quantities Mp and My, are then | 
given, and the solution is completed by recording the eeneeend vane of the 
The procedure for determining the u- ‘moments from as 
Figs. 3 and 4 merits particular attention. These have been defined as the in- ’ 
_ determinate moments in any span, resulting from a unit negative fixed-end 
- _ moment at a specified end of a given span. The magnitudes and signs of the 


u- in Table 1 are as follows: ‘ere. 6 
—_* Span } No. 1 (primary span). As the left end of span No. 1 is fixed, UAA 


(the indeterminate moment at A resulting from a unit negative fixed- end mo- 
ment at A) is simply and UBA (the ‘indeterminate moment at B resulting 
from a unit negative fixed-end moment at A) is zero. In finding UAB and uBR . 
(the indeter minate and B resulting from a unit negative fixed - - 


‘ments shown there are assumed to be UAB = and 


(b) Span No. 2 (secondary span). quantities and upg are the in- 


at the left and right ends of span No. 


load on span No. 2, that will produce a prrverecnns rotation of the joint at which — ; 
_ the unit couple is shown in Fig. 3(b), and the signs of the moments in this fig- 

ure are now taken as shown. Hence, UAa =+ 7/32, andup, = - 7/16. The 

quantities UAH and UBD are the indeterminate moments at the left and right 
ends, respectively, of span } No, resulting from a unit negative fixed- -end 

- moment at the right end of span No. 2. A load on span No. 2 will | produce a : 
_counter- greed rotation of the joint at which the unit couple issshown in | 
Fig. 3(c). Because this is contrary to the direction of the unit couple, the signs — 
of the moments are assumed to be reversed. Hence, =+ 1/16 and 

© Span No. 3. In accordance with the foregoing explanation, the quantities 
‘UAg and up, are taken directly from span No. 1 in Fig. 3(c), and the quantities 


UAb “Bb taken from span No. 1 in 3(d) reversed owen 


Example 2 .-The reference section is located at a distance of 0. 20 L from 


: under the influence line in this span, a as computed in Table 2, is wholly nega- 
tive (see Eqs. 2laand2lb), 
No. 


ad ‘Because the reference section is in the left- hand quarter of span 2, it” 
is to be suspected that it lies in a primary region of partial loading. = There- - 
—. fore, in Table 2, Column 9, Yp is computed and found to be negative. ‘The 

‘point | of zero ordinate is S next determined, and the total and partial areas: are” 


o>, In the case of span No. 3, since UJg iS positive and uyp is negative, there is 
positive partial area on the left and a areaon 


in prima exion of a] loadineg and becg p the ‘| 
— 
{ | 
7 < 
| 
wise rottation of the right-hand joint of that span. Because this is contra- 
— 
— 
— 
| 
— 
| 
| 
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« 


and the total and partial the solution, the quantities Mp, 


My, M,, and are listed in Table 2, Columns 6and7 
_ Example 3.—The reference section for this example is taken ata distance — 

of 0.14 L from the right end of span No. 2, Fig. & . From the preliminary data. 

- shown in Table 3, Columns 2 to 6, it is seen that each span is subdivided into 7 

panels 5 ft long. total areas for the various spans are computed in Table 3 


_ Partial areas do not t occur in secondary spans \ of strucutres of me e type under — 


In the case of span No, 2, it is to be anticipated that, because the refer ence — 
ge section falls in the outer quarter of the span, it may lie in a primary region of 
partial loading. Accordingly, @ is computed and found to be negative. . As” 
the presence of partial areas is thus confirmed, computations are performed 
_ in order to determine the panel within which the zero ordinate occurs and ‘ale 


= and M_ , as shown in Table 3. In this example, ‘as well as in 1 Example 4, the cd 
Stora ‘dead load of the is assumed to be concentrated at the panel-— 
eee Example 4.—As shown in Table 4, the reference section is at the first ine ¢ 
_ terior panel-point from the left end of span No, 1, Fig. 4. The panel-length in | 
each span is . ft. In Table 4, Column 11, the total area under the — 


— 

| 

— 

i 
4 
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7 
— 


= +0.050 


wae 


the span, the sign of a is investigated, when found to be 
& computations required for locating the panel that contains the point of zero 4 


ordinate and for determining the partial areas are performed. ‘ue ne 


_ As the signs of uyg and uyp are alike for span No. 2 and also for span an No. 3, 
- partial areas arenot present in these secondary spans and only the total areas 
_ need to be computed. As in previous examples, the solution is completed with | 
= calculations of Mp, My,, M+ and M_,as shown in Table 4, Columns 8 and 9. 
An alternate solution of example 4 is also given in Tabel 4, Columns 15. 
through 22. This alternate solution contains the computation of the panel-point 
ordinates, in accordance with Eqs. 26b and 37. The various steps in these com- 
putations are explained in the respective columns of Table 4 by reference to 
preceding columns. ra will be noted that the u- moments | in Column 17 are ob- 4 
7 . tained by linear interpolation between the values of the u-moments at the ends. 
a of the various spans. The computation of the total area in each span and of the 
partial areas in span 1 is shown in Table 4, n 22. 
BOUNDARIES OF REGIONS OF PARTIAL LOADING 


Beams or Girders with Direct Un —As noted previously, 


tm 
(3b) Upp = 0.40(55) + 0.60 32) = -0.425 at 
=| = 2250,400 + 0.425) + | 412.53. 7 
| 0.40(55) + - 0.175 | @ 
20) At = 175+ 0.050) - 7.50] | 
| up = 0.40(55) + 0.6055) = +0.025 
7 
q 
&g 
4 
— 


—M: AXIMUM A AND MINIMUM 


lox” 5 


uaR-0. 1697 | u 


01 1 96 


= - 70, 26 ft-kips + 11.40] + 29. 
ft- = | -110.94)-149.06 


ous or fixed end, beginning just inside the support and extending to some lim- 
iting reference ‘section for which the influence line in the primary span be-_ 

_ comes wholly positive. In case 1, in which the reference section is in the neigh- — 
BP sys0n of a continuous end and the far end of the span is continuous, or sim-_ 
A ply supported by non- continuous , the influence line in the primary span con- 

_tains p partial areas if the slope of the influence line, Y', at the far end is neg- 
ative. In case 2, in which the reference section is in the neighborhood of a © 
continuous end and the far end of the span is fixed, the influence line in the 
primary span contains partial areas if the second derivative, Y' ", at the far 
end of the span is negative. As the reference section moves towards the cen-— 

a ter of the span, the negative partial area on the far end approaches z zero. | There- . 
fore, the inner boundary of a primary region of partial loading may be deter- a 

= by placing Y', in the former case, and Y", in the latter case, equal i 

zero at the far end of the solving for the location of the 


— 

“in” | in” j 

48 1.5 | 2.0 | ug,-0.0619 | up,+0.0108 | uz,-0.0473 
2 | os | 20 a, ,-0.5518 uy,-0.4620)+ 10.69/+ 27.44 

— be | upgy,-0.1583 70.0113 | - 0.42 
| 
* 
2 


& 


t 4620 + 0. 
= -0. 2196 ie 0.20 = -0. 0196 ; 


196) - 0, 0228(0. 335) 


, Eq. lla may be written as 


boundary of the hand primary 


‘Ina similar way, the inner Limit of the primary region of partial loading on the 
‘left end of the span is found from the relation 


In case 2, if. the r reference section is in the neighborhood of the 1 right | end — 


‘and the left end of the — is fixed, ua, = - > Land ‘ea * 0. Accordingly, eval- 


(20) A, = (0.0473 + 0.3379) 4 - 73.96 ‘ 
— 
‘ 
Incas 
of partial loading i 
a 


1961 


(7) 


06 | Una’ upa-17/32 


= +1.85 ft- — 


(2 + UAB - “BB 


similar equation, for use in the location of the inner boundary 


of the left-hand | primary region of partial loading when the right end of the 
_ Span is fixed, may be obtained by rearranging Eq. 47a to read from ‘right to. 


— wing relationis 
e following r 2 

e6510n, ight-hand . 
— i of the rig 
‘When Ya i location of the inner boundary 
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‘Computation 


+ 


= 3(-0.182) - 0.421 (0.14) 
50.220 


H = 


' = -0,182 + 0.14 = -0,042 
149r2 - 0, 
_ 5(0.0142) 


2 6(3) 


438 + 


0.219 
2) 
a 


— 


left, as follows 


— 


ary 


span in Fi g. 3, the uantity uap in Eq. ual to 5 (+ y There- 
span 1 1 = + 

ion, the length of the region of partial loading is L/3, as stated in n the secti n 
“Beams and Girders with Direct Uniform Loadings.” 


- In application to continuous beams and girders, such as in Fig. | 3, , subjected ; 
directly to uniform loading, the inner of the vegas: 


partial loading are the “fixed 


fixed. example, when the left of the span is as in the first 


.. 
MOMENTS,” SPAN NNO. 2, 
ay | ay | an 
255-25 42) = | +0.70 | +0.70 | 
 =10.95 710.95 8 § 
— 


December, 


UA A-.4746 | 457.10 


“uap-.1349 6493 upp -.2206 


146.55 ft-kips 


(15) 7 


-0.3973 


Span Point | u-Mo ment 


0540 
0408 
2 40,0276 
40.0144 
20,0144 
0.0301 
-=0.0458 
=0.0615 


4 oot | foot | 
Span} t jn feet (6) 

3 | 32. ii 

— 0213 | 22/3 | 

— 
foe 


STs CONTINUOUS GIRDERS 


4 MOMENTS, NO. 1, FIG. 4 


12,46 /(32b) | 2206) -.4326 + 
(34b 


4412 + .4326 00143 


206 + .1667 


188.6 60 A, = 6532) + 0) 


487 ( 


{.01767 5(. 00143) Dee 


00589) + 5(.0 00148) .0538 - 


+ 


: 


Col. 19 x 
20 
-+1.4730 = 8(4,0180 + 1.4730) + 4 62(0, 0808) = +44. 30° = 
| A_ = 8(-0,3727) + 7,38 (-0.4405) =-6.23; = +38.07 


A=- -8(0.. 1806 + 0.3664 + 0. 3690) = 


| az | as | ay 

4 
— 
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span contains, in general, one such region for each secondary span. Fora > 
. given secondary span the region of partial loading is on that end of the primary 
span that is the more remote from the secondary span. Its boundaries are al 
_ termined by locating the reference sections for which zero end- slopes oe 
in the influence line in the secondary span, that is, by making Vo . and Yb — 
a to zero. + Two cases occur: In the first case, two reference sections can be 
found, for one of which Ya 20 and, for the other, y’ Yp = =0, and the secondary re- 
— gion of partial loading lies between these two reference sections; in the cach 
P case, only one reference section occurs for which Yq Or Yb = 0, and the second 
ary region of partial loading extends from this reference section to that end of 
the primary span that i is meter removed from the sages by span. _ The sec- E: 


Me 


imilarly, from m Eq. when 0, the reference section be found fi 


“may be found directly from analyses’ such a as shown in ‘Figs. 3 and 4, 


the second span in Fig. is taken as the primary span, the 


zero point on the closing these occur | ata distance of 


L/5 from the right end of the span, the result being in agreement with Eq. 45a. 7 
Likewise, in the same span, the values of 1+upp and ugg, shown in Fig. ae 


are +17/32 and -1/8, respectively, from which Xj/Lis L is found to be equal to’ 
4/21, which is also in agreement with Eq. 45b. 
* The boundaries of the secondary regions of partial loading may likewise be 
determined directly from moments such as shown in Fig. 4. For example, 
when ‘span No. ai is me ‘primary | ‘Span ‘Span No. 3 is the secondary span, the 


ondary re region of partial loading lies between | these 
 Girders with Floor Beams.—Fig. Ta ) represents a span of several — 
_ Of equal length, _ continuous at both ends, or continuous at one end and fixed at 
the other. Fig. 7(b) shows the form of the moment diagram resulting from a 
unit load at the first interior panel-point on the left, the pointe of inflection, : 
No. 1 and No, 2, having the abscissae X, and Zj, respectively. Likewise, Fig. s 
7(c) shows the form of the moment diagram resulting from a unit load at the 
_ first interior panel-point on the right, with points of inflection Nos. 3 and . . 
_ whose abscissae are X; and Zo, respectively. If moment diagrams are drawn 
if a unit load at the remaining "interior panel-points, the resulting points of in- 
flection on the left portion of the span will be found to lie between points 1 and © 
3, and those on the right portion of the Span will lie between points 2 and 4. 


i 2 pc ha no PIONS Of 2 ing 9 ma “Wen 
fi 
 &§ 
| 
j 
and the quantities YAb and Upp in Eq. 48b, shown in Fig. 4(d), are 
+ 0.0255 and - 0.1583. It is readily seen that a zero ordinate occurs in each of 
a 
= 
4 


CONTINUOUS GIRDERS 
@ It tibia noted that the span contains three types of regions: (a) between — 
- the left support and point 1 and between the right auppent and pont 4, where — 


2 and where the moments caused by live loads on on the span are eal- 
oe positive; and (c) between points 1 and 3 and between points 2 and 4, <7 el Fs 
— the moments caused by live loads on the span may be either positive or nega- 
tive, depending upon location of the loads. The latter are the 


primary ‘regions ons of partial loading, because, in order | to obtain m maximum live 
load moment at a given reference section therein, a particular portion of the 
“span must be loaded. 

~ As shown in Figs. , 7(b) and 7(c), the outer and inner boundaries of the left- 
‘hand region of partial loading have the abscissae Xp, and Xj, respectively; and © 
‘the corresponding boundaries of the rigm- region of of al loading have 


“the ; abscissae Zo and Z;, 
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| 

| 
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| 

; 

; 
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‘The o outer ro ary of a primary region of partial loading on a given valid of 
+ span is a reference section for which the influence line has a zeroordinateat | 


the first interior panel-point on that end. The inner boundary of this region is 


a reference section for which the influence line has a zeroordinate at the first 


panel-point on the opposite end of the span. 
the determination the ordinate 1 is to be placed to ze- 


‘Upon substituting the values of and 3a and 3b and placing 
. N-)P (N 1) Upp UBA + ) 


with ¥ to zero, ‘becomes 


UBB - + UBA - 


Fort the the ordinate at the first interior panel- 
on the end the span is to be placed to zero. ‘From 27a, with 


x? 


| 
— 
— 

| 
= 

| 

_ 
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(Yaa ) + UAB - 


¢ by a procedure similar to that used in the case of girders with direct se 


loading, except that the investigation is based on 1 the values of and Yn-1, the 


rect uniform loading, two cases occur. In the first case, two reference sec- 
_ tions can be found, for one of which yy =0 and, for the other, yp. =0, and the - 


- secondary region of partial loading lies between these two reference sections. 
in the second case, only one reference section occurs for which yy or yp_1 be- 
‘comes equal to zero, and the secondary region of partial loading extends from 


? ‘ this reference section to that end of the primary span that is farther removed 
Substituting the values (Of and and in Eqs. 1a and into Eqs. 39a and 


yields 


+ - -u 


(n 


(n - 1) ‘Usa 


- UBa + + UAb - 


vu 


225 
(54a) 
eS Similar formulas for the boundaries of the left-hand region of partial load- 
rearrangement [i 
(51b) 
= 
| 
aa 
| 
yy = - 1) + - - 1) (Ugg - UBa) 
sa) 
and 
= 


Likewise, f Eq. 55b, 0 

In the foregoing expressions, X,g and Xp denote the values of X enmenmniien 7 

to zero values for the ordinates yj and yn-1, that is, the ordinates at the in- | 

terior panel- ~points n nearest to a and to b, reapectively. 


“nates and the areas under the influence lines for moment at any point in uni- 
‘Gamely loaded prismatic girders of continuous structures. The treatment has : 
_ included beams or girders subject directly to uniform loading, and girders with 

floor beams arranged, primarily, at equal intervals. 
_ ‘The procedure for determining the total and partial areas in the various 


‘sections of this paper and the appropriate equations were enumerated. 
Numerical examples of the determination of maximum and minimum mo- 


were presented with the aid of Tables 1 through 4, 4, in which 
quired computations were identified by number, 


APPENDIX Le -NOTATION 
f. 


- 


| ‘The e following symbols. have been adopted for use in this paper: 


Primary Span: 
G,G' = see ‘34a and 34b; 
= see Eqs. 35a and a 


= = span length; 


abscissa of ‘ordinate to influence line from A, in panel- 


ar abscissa of ordinate to influence | line from point B, in panel- — 


‘moment reference section, 1, resulting from 


indeterminate moment at reference section, 4 resulting fro 
= 


negative fixed- -end moment at 


d criterj lave pores d for use jin comnuting the ordi__ 

— 
panel-points. O =| 


GIRDERS 


A = of ordinate to influence line measured from poms A; 
- = distance point to reference section; 
ordinate to influence line; 


slope of influence point at 
= value alue of d2y/dx? a at point A; 

= slope of influence line at point B; 

= value of d2y/dz2 at point B; 


distance from point: to reference section; 

s ——- abscissa of ordinate to influence line measured from pats B; and 


rdainate to ence line measure 


positive constant for given values of N and P. 
Secondary S 
see 42; 


= see see Eq. 43; 


number of panels of length; iar? 


= length of of ‘panel; 


= = abscissa of ordinate to influence line from point a, in panel-lengths; 
= abscissa of ordinate to influence line from point b, inpanel-lengths; p 


indeterminate moment at reference section, I, resulting from unit» J 


= = indeterminate moment at reference section, I, resulting from unit © 


negative fixed- end moment at point 
= abscissa of ordinate to influence line n trom point a; 


ordinate to influence line; We: 


= slo e of influence line at oint a; 7 


vb slope | of line at ‘point b; 


abscissa of ordinate to influence measured from point b; 


= a positive constant for ¢ values of n and p 


‘ 
7 &§ 
@ 
— 
+4 
= | 
- 
: ~ — 
y 
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In 6(b), let denote the length of the thactional panel from point D to 


APPENDIX —DERIVATION OF EQ. 36a 


. 27a, the at points | E and F Fare 


+ Ya 
eo 
“<a A 


G- H > rr YA 


q Q fo d fr Eqs 59 
uantit Y rom s. an is 
y rE / 


ubstituting i Eqs. 62 and 63 into Eq. 57 57 and subsequent simplification re-_ y 
! 


in the formula given by 36a. 


= 


= 

= 

— 

is evaluated by the method used in 


: 


DISCUSSION 


Note. .—This paper is a part of the copyrighted | Journal of the Structural Division, 
of the the American ‘Society of Civil Vol. 87, No. ST ‘8, 
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by S. L. Lee and P.C. Patel 


M. (ASCE, and P. C. PATEL,19_-, | is expressed 
for the suggestion by Liu that the conjugate bar chain for the horizontal de-— 
flection components be viewed from the right- hand side of the computation 
sheet, that Eq. 16 be replaced by Eq. 28, and that the directions of 6 ax, 9 cx, 7 
bax, and 5¢x be reversed, thus allowing the application of the usual beam con- | 
- 4 vention for shear and moment. The choice of sign convention is a matter of 
7 convenience and the use of a more familiar one does have merit. In accord-_ 
ance with Liu’s suggestion, however, the signs of one side of Eq. 19 and 20 . 
‘The comparison between the proposed methodand the Scordelis-Smith meth- 
a odl7 discussed by Chinn is interesting. The analogy between the actual struc- 
ture and the conjugate structure established in the latter is in principle more 
a _ direct, but it seems that the sign convention is comparatively more involved, 
Here againthe ‘between one the other is a matter of prefer- 


_ Errata. _ p. ae in ‘the 16th line line a the top, “Gey” should read ‘ “Sey” 
and, in the bottom line, “p. 55” should read “p. 60.” In the bottom line of p. 76, 
, p. 337” should read “p. 340” and in the “1th line from the bottom of p. 82, 


May 1960, by S. L. Lee and P. C. Patel (Proc. 
(18 prof, of Civ. Engrg. , Northwestern Univ., Evanston, Ml. me 
Civ. Engr, Corbetta Const. Co., Chicago, I 
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by HN. Hill, J. W. Clark, and R. J. 


Lad 
a 
N. F, ASCE, J. W. . CLARK, 16 M. ASCE, R. J. 
17 A, M. ASCE,—The use of aluminum alloys in bridges has been dis-_ 
twill by Eduard Luss, who considers the paper important and timely because 


‘that “the presented design rules will have only limited value for this special — 
— because they reflect a “steel approach” to the problem. There is, how- 
en nothing in the paper that restricts the application of the design rules . 
any particular shapes or design configurations. The writers tried to express _ 
= design procedures in general terms in order to make them applicable to | 
~ _ types of welded aluminum alloy structures. It is recognized that thes na 
design rules will not be entirely adequate for all design problems; this is ‘ 
-It is agreed that “the problem of shape or form is most important” in design 
“and that optimum shape or form is influenced bythe characteristics of the ma- 
terial used. When Luss states that this fact “has been grossly overlooked,” he 
‘must mean by some bridge designers. Certainly the aluminum industry has 
Tong preached thi this “gospel” in promoting the advantage o' of the extrusion process” 
in providing members of optimum shape for their intended use. The fact that 
a special onnunee sections are used in two of the aluminum bridges (24)b that | 


_ the shape ‘problem. Many designers in other structural fields are also fully 
- cognizant of this situation, Structural design has probably reached its highest 
- stage of refinement inthe aero-space field; these designers are entirely unin- 
=e by preconceived notions of the availability of “standard” shapes or pro- 


ze cites, indicates that at least some bridge engineers are not overlooking | 


le the aluminum industry has not promoted a set of “standard structural 
shapes” | different from steel shapes, does not indicate a lack of recognition of 
the influence of material properties on optimum shape. Rather, it reflects the 
further knowledge that the optimum shape is equally influenced by the function © 
the structure or member is to perform. The designer is encouraged to seek © 
his optimum: design unhampered by limitations of “standard shapes.” At the 

2 same time, one should not overlook the successful and economical use designers 


have made of conventional structural sash in a variety of aluminum — 


June 1960, by H. N. Hill, J. W. Clark, and Brungraber (Proc. Paper 2528). 


4 


= 


> b Numerals in parentheses | refer to corresponding items in the list of References. 
15 Chf., Engrg. Design Div., Alcoa Research Labs., New Kensington, Pa. tee 
16 Asst. Chf., Design Div., Research Labs., New 


= 
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q =) | 
ad 


and = 


‘structures, such as as transmission towers, electrical 

Apparently in his desire to advocate welded 

has the of rivetedand bolted aluminum structures. 


a 
the co appear to be based on “such limited information and, in some 
cases, apparent misinformation, that they cannot go unanswered, 
Luss questions the ability of unpainted riveted aluminum alloy structures 
; t. maintain satisfactory resistanceto corrosion for an expected lifetime of 50 
= @€6©yr. He arrives at this attitude from a consideration of the so-called “mobility a 
FE of susceptibility to corrosion. This theory, wherein a metal was thought 
to corrode at a rate proportional to its “internal mobility,” was an early | at- 
a tempt to understand the corrosion mechanism. According to the theory, steel, — 
_ having less internal mobility than aluminum, should exhibit higher resistance a 
to corrosion; this is, of course, not the case. In the light of modern under- 7 
standing of corrosion mechanisms, it is generally accepted that the “mobility”: 
‘ony is an unfortunate over-simplification. It neglects the important con- 


tributions of surface films and polarization anniaeiacmees and does not account _ 

important commercial forms of aluminum are obtained by alloying with» 
¥ other elements. The highest strength alloys are generally not the ones that a! 


arethe most resistant to corrosion; however, alloys at the same strength level 


may” vary in their resistance to corrosion. In. choosing an alloy for a — 
‘structural application, one must consider such factors as corrosion resistance. 
dq : and cost. One cannot blindly choose “the most suitable alloy for the = 


stress. - For riveted and bolted structures such as bridges, in which freedom 
- from maintenance is desired, the recommended alloy (1) is 6061- T6, witha 
: _ typical yield strength of 40,000 psi. This alloy is used in all types of struc- ee 
tures without paint protection. ita higher | strength material is required for a 
heavy- duty ‘riveted and bolted structure, alloy 2014- -T6, w with a typical yield - 
; F strength of 60,000 psi, is recommended (25). Paint protection is usually re- 


identified during involved ‘tee use of nuts of alloy 2011- 
even  thouga 6061- -T6 alloy nuts had | been specified. . Use of the the 2011- T3 nuts, 7 a 
"cracking and thread corrosion, Opposed to a few isolated instances of poor 7 
corrosion behavior, such as that cited by Luss (which can be traced to some 
form of misuse) there are many installations throughout the world of items 
on bridges and highways ( that have exhibited excellent resistance to corrosion © 

ie in all types of weather. For example, the unpainted aluminum alloy” railings 
on the Loop Parkway Bascule Bridge at Jones Beach, N. Y., havea maximum « 

_ depth of attack of only 0.0039 in. after 25 yr of service over a salt- water inlet. 
In Table 4 Luss mentions alloy 1176- T6 to the recent * 


— 
| 
7 
: 
that what is meant is 7076-T6, or, more likely, 7178-T6. In either case these 
a are high strength alloys developed for the aircraft industry andthe writers | _ 


. The st statement that “crevices and indentations c caused. by 01 over- driven rivet % 


heads... - micro-fissures at punched holes and scratches .. . will result in 

deaatin corrosion when moisture is present” seems to indicate a lack of © 
knowledge of the mechanism of corrosion resistance in aluminum alloys, The : 


natural oxide film, , that largely provides | the dunerag resistance to corrosion — “a 


as Also, contrary to Luss’s statement, differences in stress between a 
rivet andadjacent material do not introduce a significant susceptibility to elec. elec- 

Luss’s comments on the Arvida are in error to D. G. 
4 Elliot, F, ASCE (who was was Closely 2 sansenmind with the design : and nd construction — 


“S shade temperatures at the site evary from well below w -30°F i in n winter a 


to somewhere between +90°F and +100°F insummer.” 


FS Concerning the rivets which Mr, Luss says were virtually without heads, Elliot — 
“All shop rivets ts had standard heads. Purely to facilitate the cold field- 
- driving of heat-treated aluminum rivets, a new type of head was evolved _ 
for the field-driven rivets (26), This head bears little resemblance to a 
the caricature of Fig. 17 which Mr. Luss presents as descriptive of it. 
a - This new type of head was proved by exhaustive tests to be capable of — 
a or invariably breaking the rivet shank. In no case were rivets virtually | 


without heads used on the Arvida bridge.” 


_ When Luss states that rivets bigger as 5/8 in 


7 BP much more pressure to drive and so the chances of harming the 
a Bes, metal are increased, This is probably one of the reasons for the 


5/8-in, rivets usedon the bridges under ne New State.” 


he mus must be referring tc tothe riveted plate gi girder bridges o on the I Long Island aa 
| pressway (24), The shear connectors on these bridges were attached with 
7/8-in, diameter rivets and the flange angles were connected to the webs with — 
3/4-in. rivets. All rivets were of aluminum alloy 6061-T6, driven cold. 
Luss is, of course, entitled to his opinion concerning the structural merits 
of composite concrete and metal bridges. His fears that “the service life of — 
riveted aluminum structures» can become very short indeed,” however, 
are unfounded. As he notes, all of the recent developments in aluminum alloy | 
“highway bridges have used composite action. One canbe sure that the designers 

_ 2 of these structures explored thoroughly this question of the compatibility of 
aluminum and concrete before making this important decision. According to 


— oudihin of the corrosion of aluminum in contact with wet concrete 
has loomed largely in engineers’ minds for many years, Elaborate tests 
_ made by the aluminum companies leave no doubt as to the compatibility 
of structural aluminum with concrete. ‘Extensive investigation of this 
indicates that wet concrete has only a mild surface | etching 
fect, with no impairment of the structural — of the aluminum alloy 


q | | 
[ 
— 
— 


Tests show that : after “many years of service, the a — rar rely ex- 
_ ceeds that observed after the first few hours of embedment (28). To minimize | 
= eventhis superficial corrosion, aluminum alloy parts in contact with concrete 
py are sometimes given a coat of zinc chromate primer. Extensive testing and 
a service experience has also shown that suitable paint coatings on faying sur- 
faces provide adequate protection n against possible galvanic corrosion between 
aluminum and other metals, 
ee _by his statement that “the industry admits that it does not have enough ~ 
experience” (to prove adequate corrosion resistance of rivetedand bolted alu- 
minum | bridge structures for 50 yr), he means that one cannot point to bridge ~ 
structures with 50 yr service experience, he is « correct, Considering that i 
minum became commercially available only slightly more than 60 yr ago, and ~ 
; considering further the continuing alloy and application development required 
_ tobringthe metal to its present state of widespread use, this is not surprising. © 
x There exists, however, a vast body of knowledge in the form of service ex- 
7 perience with many kinds of riveted and bolted structures under all types of 
a environments, and accelerated laboratory ci corrosion tests. _ The industry has 
found this information adequate to give the user or potential user of aluminum | : 
for bridges complete confidence that, with reasonable attention to design — > 
Station, he can obtain an unpainted riveted or bolt bolted structure th that w will re- - 
aes The following is a list of riveted and bolted aluminum alloy bridge struc- a 
2 tures with more than 10 yr service. This list does not ~apecetene aluminum bridges — 
Floor System, ‘Smithfield Street. Bridge (29) , Pittsburgh, Pa. (1933).— 
iv This is in a duralumin type alloy, no longer commercial, The structure was - 
a painted and has had reasonable paint maintenance. The performance of this 
bridge has been satisfactory, despite a corrosive industrial atmosphere. 
2. Grasse River Bridge (30), Massena, N. Y. (1946).—This is an alumi- 
_ num plate girder span of a railroad bridge. ae is of aluminum | alloy « 2014 fond 
we. 7/8-in. diameter aluminum 2 alloy r 


vent the ‘ties ‘from ‘catching fire and to protect the steel ‘structure below the 
deck from the highly corrosive attackof brine drippings andsewage from pass- — 
Bi. cars, After extensive service testing, aluminum was chosen as as the most 

‘suitable material. The alloy used is Alclad 3004, chosen primarily onthe basis : 
of its excellent corrosion resistance. Service experience has been good. + VE 
4, Arvida Bridge, Arvida, Quebec, Canada, (1950).—This is a highway 
y bridge over the Saguenay River. 

Bridge, with rivets of a slightly different alloy. The bridge - is Ss unpainted, No 


significant corrosion has developed. 

__ Luss advocates the use of resin adhesives for jo pane te bridge structures, b'. 

This method of joining is attractive, but widespread use in such structures is 


_ being delayed by lack of service experience. _ Experience in this ; field is ual 


‘meager compared with that for rivete riveted eee structure 
>= 
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CONCEPTS OF STRUCTURAL SAFETY2 


C. B. BROWN.33—The remarks made by Jack R. Benjamin, M. ASCE, fall 


— into two groups, those regarding the responsibility of the individual engineer, 


and those involving the place of statistical and probability theory in design. — 
If it is admitted that the engineer’s final professional responsibility is to 
a society, it would appear reasonable for society to demand competency in been 


, judgments involved, To ensure this the committee approach has often been 
nah used, if for no other reason than to ‘0 provide standards by which judgments may 
be made, These committees, of which Benjamin disapproves as restrictions 
7 ; on scientific progress, are, in fact, seldom occupied with the science of engi- 
neering but only with the art. _ In this respect they place no curb on science if 
- = - they cease to have authority in matters in which scientific reasoning, as op- 
posed to judgments, is effective. = 
‘The place of statistical and probability theory in the design problem is ex- 
actly the same as that of any other ‘mathematical theory that may be used, In 
_ essence, a mathematical model has no engineering significance unless it allows 
the reasonably accurate prediction of interesting phenomona, This is the only 
- eriterion on which the admissibility of a. mathematical theory may be judged, 
Inthe usualcase,a whole array of material and loading constants are required. 
These may be furnished by a statisticalapproach if the model used gives physi- 
significant results, Certainly, t! the engineer should have available as wide 
a range of mathematical techniques as possible, but he must make the ultimate | 
- decisions concerning the reasonability of of the models used and the interpreta- 5 


of the results that they give. 
‘The concepts of a definite life-span assumption as opposed to design on a 

ee basis is discussed by George B. Begg, Jr., M. ASCE, with special mY 

reference to the vertical extension of existing structures. Although, to the © a 

: client, the idea of a definite life span being associated with his structure may . 7 

be horrifying, - in the final analysis” this may be the ultimate result. The ex- > 

tensive redevelopment of the centers of many cities has resulted in the com- 

plete removalof buildings that were undoubtedly originally envisagedon a mon- 


_ umental basis. The idea of limited time usage has become acceptable with re- 
; gard to much of our personal hardware and it would appear reasonable to an- = 

ticipate such ideas spreading to property utilization. Whether the engineer or 
- rs architect should be the ‘moderator in a discussion of s structural life ‘Span re- — 


ona Static or vacillating foundation. Having in mind the contemporary scorn - 
8 December 1960, by | C. B. Brown (Proc. Paper 2678), 
33 Research Fellow, Dept. of Aeronautics and Engrg. Mechanics, Univ. of Minnesota, 
‘Minneapolis, Minn. 
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‘the ¢ conclusion that only the engineer’s opinion will be basedon _— wn per- 
Vertical extensions may be considered under two headings. In case of. 

the extension of existing structures the designer is obligated to build as light 

a superstructure as as possible. It is unlikely that this arrangement will be too 

durable and is, in part, an admission of the need for some definite life- span 

planning. The new structure, in which the possibility of vertical extension is — : 

envisaged, requires provision of safety planning for the alterations probable in on 
its later life. One cannot bewail the absence of life-span designing in existing _ : 


constructions but it would appear | a necessary and valid consideration in con- 
temporary 


— er, 1961. q 


. GALAMBOS, 4 M. ASCE.—In thefirst part of the paper Walter J. Aus- 
F, ASCE, presents two practical methods for the design of beam-columns. 
that fail by excessive bending in the plane of the applied aaron 


‘Because are: (1) the limiting stress criterion, and (2) the interaction equation, 
Because of the approximate nature of methods it is desirable to com- 


tion curves developed in References 39 and 47 are used inthe following oom 
tation, These “exact” interaction curves were computed by 1 numerical 
: _ gration for the 8W31 steel rolled shape containing linearly varying cooling — 
i - residual stresses, The maximum compressive residual stress was assumed 
‘Ww ‘to be 0, 3 oy (in which oy is the yield stress of the steel), A yield stress of 
: 33 | ksi and a modulus of elasticity of 30,000 ksi were used as the basis for the 
computations. Bending was assumed to be about the strong axis, and failure © 
= by lateral-torsional buckling was excluded, It was shown (39) that the inter- | 
action curves were applicable to all rolled wide-flange shapes, correla- 
between the theory and experimental results obtained from full-scale beam- 
tests was observed (39), (48), 
The comparisons between the approximate design methods and the fexact” — 
 salution are shown in Figs. 8, 9, and 10. _ The theoretical solution is nen 
=. these figures by the solid curves; | the curves made up of long and short | 


= are obtained bythe interaction equation (Eq. 13), and the dashed _ 
wo 


represent the initial yield solution, 


7 4 Comparisons are made for three loading cases: (1) Equal end moments 
_ causing single curvature deformation (Fig. 8), (2) bending moment applied at 7 
one end of the beam-column only (Fig. 9), and (3) equal end moments causing — 
=~ 4 double curvature deformations (Fig. 10), The coordinates of these curves are 
the same as in Fig. 1, with the exception that the non- dimensionalized load - 
= (in which P is the axial loadsupported bythe member and Py isthe area | 
times the yield stress) was usedas the ordinate instead of the average stress. — 


whenthe yieldstress is reachedat the most stressed fiber inthe beam- column, — 


The curves for this comparison were computed by the equations given by S, 
Timoshenko (5), with the assumption that the initial eccentricities given | in 


Research Asst. Prof., Civ. Engr Dept., Lehigh Univ., Bethlehem, Pa. 
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Solution 
-—-Interaction Equation 
\\---- Initial Yield Sol 


olution 


|The following f¢ form of the interaction equation (Eq. 13) was: wan wa 


(31) 
Eq 31 was obtained by multiplying the stresses Oa, Oc, and Oe by the ar area, cle 


and nd Oy 7 the section modulus in Eq. 13, In Eq. 31 P is the 


applied axial load, Po is the axial load that the column could carry in the ab- 
sence of bending moments, Pe is the Euler load, Meg | is the equivalent ‘moment, cn 
A, i, and Mp is the hme moment of the section if bending only is present, The 


q 

= 

— 


-—- Int. with h (1-0. 65 


_ following expression (45) was used for Po: 


equivalent was computed by Eq. /12(a) for the full range 


0. In addition to Eq. 31, the equation for the maximum 


end (Eqs. )) were used 
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“The following conclusions may be reached from the ; comparison shown in 


i ‘The initial yield _—w as modified by the initial eccentricities given 
in Table 1, is conservative for all loading cases inthe range where most beam- -— 

_ columns in civil engineering structures would fall (that is for slenderness © 
ratios less than 100). For higher eccentricity ratios the initial yield solution 
-may be as much as 30% conservative (see curves for e c/r2 = 3.0 in Figs. 9 
and 10), Because the tangent modulus procedure (Fig. 1) gives approximately 

: the same results as the initial yield method, the same conclusion applies for 
2, The curves computed by the interaction equation compare well with the © 
“= solution, especially in the region of practical slenderness ratios. This _ 
‘methodis conservative for higher slenderness ratios (over 100) and for double 
3, ‘The results of the comparison show that the formula for the equivalent 
end moment (Eq. 12a) may be applied with confidence over the whole range 


_ 1.0 => —->-1.0, Thus { us for double curvature bending (M2/ Mi = -1.0) a value 
of Meg = 0.2 My may be waitin of the value of ~ = 0.4Mj as suggested _ 


- tion, it would serve better as a basis for design rules than the — yield . 


method, 
"Additional comparisons with experimental results are shown in Fig. 11, 


‘These experiments were performed on laterally braced wide-flange beam- 

columns bent about the strong axis by one endmoment (48). _ The sections were 
8w 31, ,8B13 and 4W13 members. In Fig. 11 the ordinates are the ratio of the 

experimentally obtained moment to the maximum theoretical end 
n 


exact solution is given in Fig. ad. and Fig. Tite) shows correlation obtained 
by” using the interaction equation, The comparisons in Fig. 11 show that ined 
interaction equation predicted the strength of the test columns with more ac- © 
than the initial yield solution, 
a In conclusion it should be noted that the replacement of the term (@- P/P *7 


inthe interaction equation by theterm n (1 - - 0.65 P, /Pe) 1 would, (Eq. 4), in addi- : 
tion to making the formula more complicated, result in an unconservative | | 
sign, This is shown in Fig. 12, in which the effect of the change in the reduc- 
tion term is shown by ‘the interaction curves for slenderness ratios of 100, 


‘47, “Purther Studies of the Strength of Beam- Columns,” by Robert 
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Discussion by A. H, Metcalfe 


A, H. METCALFE,6 F, ASCE.—In reading the paper, the writer was 
= of the admonition -receivedas a young manfrom a prominent architect, 


_ the fact that weakness in design stems from perfect accuracy that is never at- 
but perfection may be closely approached by the 
The generally accepted theory of design today (1961), has been proven to be 


by observation and study, and it has been verified by toute. Correctness 


for which they w were e intended. 


definite, as well as the best, rules of 


¢ pe with public am. Assumed data is ; of primary y consideration, andi is s valu- a 
able to supplement the knowledge and of the but — 


- ing his best judgment i in the determination of his design. 


June 1961, by Hsuan Loh Su | (Proc. Paper 2843). 
6 Cons. Engr. Rochester, 
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STEEL FRAME FOLDED PLATE ROOFa 


Discussion by G. G Goble, Jacob ob Eldar, and Abraham Woolf 


G. G. A. -ASCE,. presenting folded plates constructed of 
steel space trusses Oliver A. Baer, M. ASCE, has rendered a great service | 

to those engineers interested in the design of a variety of commercial and in- | 

dustrial buildings. As presently conceived, the roofs of these buildings are | 

4 frequently supported by trusses spanning between supporting columns. Con- 


r 


iad 


siderable secondary bracing is necessary for erection and stability. The re- 
sulting structures are highly indeterminate and are analyzed by assuming the 
inaction of convenient members, The reduction of these structures to a stati- 
cally determinate system, as indicated by the author, greatly increases theac- 
curacy and reliability of the analysis. _ From a constructional standpoint most 
- of the members required in the folded- -plate system are used in the traditional — 
_ roof as secondary bracing. A considerable saving of material is possible be-_ 
mn cause many of the secondary members are designed by code limitations on 


their slenderness ratio. _ The secondary bracing of the conventional structure 
will probably require only minor increases in size to perform satisfactorily 

as main members in the folded plate, Considerable cost savings should result ‘ 

due to both decreased material costs and simplified fabrication. _ nat cae 
The author outlines the basic requirements for the elements of a folded plate a 


-_ a “(1) the ability of the webs of the plates to carry the roof loads be- 
tween the chords and to carry the shear from the beam action of the 
-_ plates; (2) chords at the intersection of the plates; (3) plane plates with 
chords; and (4) ‘rigid diaphragm end walls absorb the 


‘Lins and roofing to transfer the loads to the rafters and hence into the truss 
The writer would like to pc point | a “system in 1 which, as in folded 
plates of concrete or wood, condition 1 is satisfied by a single element. By 
using one of the commercially available steel deckings with across section of — 
the general type shown in Fig. 12(a), placed to span between the chords, the 7 
load normal to the plate (slab load) is carried to the adjacent plate intersec-_ 
tions. The flat plate will carry the shear due to beam action. The corrugated 
plate gives the section sufficient depth to be effective in bending and, in addi- ; 
tion, stiffens the flat web plate against buckling. 
<7 _ Many connection details must be developed based on economic ‘considera- _ 
tions. Slab shear forces at the plate intersections must be transferred be- be- a 
a June 1961, by Oliver A. Baer (Proc. Paper 2845), 
3 Assistant of Structures, Case of Technology, Cleveland, Ohio. 
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‘tween the ‘connecting 

- could be carried by coping ‘the. ends of the section in sucha maaner asto allow 

_ the intersecting webs of the corrugated sections to be bolted together. The 

_ transverse edges, a and b in in Fig. 12(b), of the prefabricated section could be 

either welded or bolted, or a combination of shop welding and field bolting could 
z be usedas dictated by economic conditions. Thus, a variationof platethickness _ 

along the span could be used to satisfy the shear requirements, A transverse 


a 
section through a typical structure of this type is shown in Fig. 12(a). ‘It 


- possible that for short spans the chord plates may be unnecessary, 

‘a _ The analysis of structures of this type would have to follow folded-plate 

| Sez For a system with transverse connections as ‘outlined, the elementary 


we 


(d) SECTION 


= arc, 
FOLDED CROSS SECTION 


Folded plates constructed. would give a clean, un- 
cluttered appearance that would be satisfactory for a wide variety of commer- 
cial structures. It seems that structures of this type and as more generally 
7 outlined by the author offer many a _——— both from the economic and con- 


JACOB” ELDAR,4 M. ASCE. —This paper attempts to shed som 


: _ light on atype of structure that, in reinforced concrete, received long and _ 
deserved attention, The problems of the design of ‘steel frame folded plate 


: roofs were, until now, largely neglected; the writer knows only two sources of . 


more than passing remarks onthis subject.5,6 ses 
Actually, bys is no significant difference be between the concrete and steel 


_ crete folded plates can be utilized indesign of steel roofs. _ The e “slab stiffness” _ 


a Structural Engr., Ammann and Whitney, } 4 
5 “Steel ‘Designers’ Manual,” "by Charles S, Gra Lockwood, England 


“Design of encteres, ” by Edelman and H Harel, Engineering Handbook, Vol. I, Part 


Massada, Tel-Aviv, Israel, 
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fore its influence can neglected, making the design 
_ In the writer’ "S opinion, the procedure outline by Baer is too simplified, in ~ 
that it disregards the interaction between the separate trusses. This simpli- | 
as: does not come into play in case of structures made of two plates only | 


(Figs. 1 and 8), but its influence can be quite large in the structure in Fig. 9. . : 
To follow through this simplification would mean to provide a special kind of 
connection between the adjacent a connection which would not transfer 


chords are combined into one, the resulting one can to 
the force only, which usually will be much smaller the separate 


ample, the 8W 17 shown in Fig. 6 could be oseginend by: an open- -web = 16 
in. high weighing 10 lb per ft. Pil’: 


? 

| 
| 

| FIG, 13,—USE OF A CATENARY 
- fo in the rafters; they can be pin-connected to the chord, thus avoiding the a ae 
lem of indeterminacy in the design of the rafters, 
Quite often, and especially when the distance between the Chords 1S large, 
: 4 __the rafters canbe made of open-web joists or trussed beams instead of rolled [iim 


gg Laas Instead of inclined trusses the writer utilized a catenary (inverted arch) | 
as shown in Fig. 13. | ‘This arrangement is especially suitable in the construc- _ ad 
tion of continuous structures, as it does away with the problem of continuity of © 
= trusses over the intermediate support and enables full utilization of the 
material. An additional aspect of steel folded plates, ‘not mentioned in the : 7 
7 per, is the possibility of doing away with columns at the sides of the building. 7 =} 
This can be easily done by an additional truss, similar to the edge beam wale a 


ABRAHAM WOOLF, TF F. ASCE. —This paper is most refreshing; Baer’s ap- 


proach to the folded- -plate- roof problem from the structural designer’s poi 
. of view makesfor comfortable reading and comprehension, The consideration — 
of the seol frame and the conventional truss as basic pn of the structural 


considered use of such structures with facility and understanding. ey, 
Tt may | be, however, that the problem was over- '-simplified. The author’s 
is generally based on pin-end connected elements. This, in itself, 
bi eliminates the provoking questions that arise when a rigid-frame structure is is 
In concrete construction, the folded- plate roof behaves as a series of plates” 
integrated into a space structure. In the steel frame, the individual elements 
can act as beams and at the same time be integrated into the space structure. 
_ In concrete, the ‘crack” has forced many designers to develop the concrete ~ 
: structure into a monolith with ‘resulting internal moments and shears of con- 
_ troversial character. In steel, the so-called pin connection rotates, moves, 
ioe and so forth, but these controversial moments and shears that were 


Put into the concrete structure by the designer are now non-existent inthe steel 
structure; it is strange what the so-called pin connection will do to the de- 
Signer, let alone the structure! ! 
‘The writer, , with a sympathetic attitude, respects the boldness of Baer for 
- taking his stand on a problem of deep controversial character and presenting 
a case on folded plates in such a simple, logical, and refreshing manner. , 
- The writer’s first experience with steel folded plates was in the design of 
a saw-tooth type monitored roof for a factory. Placing long trusses in the 
iam of the roof eliminated the supporting columns. This pleased the client 
and made the project designer proud. The steel fabricator, however, had his 
_ problems. ‘That design was based on a simple pin end- -connected system, yet | 
riveted connections were far from simple. 
In 1938, the writer was introduced to the diagonal system of framing steel 
es concrete.8 This system consists of aframe formed with a monolithic grid 
of elements in a diagonal pattern either in a plane or folded spatially. — esc: 
_ When the opportunity presented itself, the design of a steel-frame folded- _ 
. ‘plate roof was proposed and accepted for the Club House of Bay State Racing 
Association in Foxboro, Mass, (Fig. 14), Economy precluded concrete con- ¢ 
struction for the folded plate. The architect required that if steel were used on 


June 1961, by Oliver A. Baer (Proc. Paper 2845). 
7 


7 Consulting Engineers, Abraham Woolf & Assoc., Inc., Boston, Mass. m0 


8 “Electric Welding, —- Structures, Vol. VI, No. 36, London, England. 
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and uniform in appearance. A welded structure was developed, but the fabri- 
cator favored a high-strength bolted connection to which suggestion the engi- 


neer yielded, with the requirement that the connection be simple and practical, 


This requirement made the smaller connections larger so that there would - 


(b) 


FIG, 14,—FOXBORO RACE TRACK CLUBHOUSE 
uniformity to the appearance of exposed roof. a steel was painted a carbon 
black against an off-white gray roof deck. This gave thes structure ne 


_ The entire system of the integrated members may be looked on as a sevten ; 


inclined trusses connected at the and and from 


4 seems a uniform pattern, and that the connections of the elements be clean _ 


ay 
+ 
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‘3 
7 _- spreading by end gable ties. _ These trusses span longitudinally and cantilever 


= - diagonals of the truss and are connected to the ridge e and valley members that 
form the top and eager chords of the trusses. . The roof load is carried by 


be « continuous at ‘the chord nodes because of the heavy gusset plates. These. 
.- grid node points lying along the chords rer supporting points of forces” 
inthe continuous cranked gridbeams. 


a The er" of this folded plate roof was tased on the — procedure: 


a Step —The basic frame was as divided into a system of ‘sloping woven trusses 


—Thetruss members were designed for bending, w 12/10, and need 


Step 3.—The interaction of truss chords. were then analyzed assuming the 
= members as rigidly connected at the joints and the chord member sizes 7 
Step 4.—Buckling, local at the joints and “spatial in the plane of the truss, 7 
¥ was investigated and the sizes of the basic diagonal truss members were ad- 
‘Step 5. —Distortion and stiffness analysis was matte to determine — 


deflections and horizontal spread of the folds. me Ch 


tary heey of the polygon of forces. The simple- beam theory for the bending 7 
was applied to determine the bending stresses. The final stresses for “ie 


two were by the superposition of both the direct and bending 
“stresses. 


beams that arefully continuous at the « cranking points and are 
of transmitting moments and shear from one side of the crank to the other 
side, notwithstanding the fact that these beams cranked (or folded) are, by 
reason | of their slope, subjected to the direct forces (compression or tension) — 
result of being the diagonalinthetruss action, 
Z ab Furthermore, at each node, there are two cranked beams intersecting with 
_ the top or bottom chord of the fold. Because each node in the cranked beam 
_ is at different positions in the truss, the vertical deflection along the cranked 
.) beam varies. Because the same node offers different moments in each beam, 
it is clear that bending and torsion is introduced into the truss chord. The 
= final distortion of the node will produce, in addition to the assumed basic pri- 
_ Mary stresses, a stress pattern of secondary character, = = 
With a few reasonable assumptions for the deflections and wi with unit - load » 


equations for beams divided into nodes, the ‘computations. canbe made to deter- 
a mine such moments, There is a marked degree of symmetry in the “ono 


with uniform loading and the well-known theories of slopes and deflections, the - oe 
final equations reduce to a workable minimum, As to the correctness of the 
obtainable moment and shear values, one can only judge the range that these P-. 
stresses develop as compared to the basic direct and bending stresses and © 3 
make additional assumptions to establish thetrend. Before plastic design, the 2 


secondary values would be of serious magnitude, but with plastic considera-_ 
tions together with the phenomena of etastic relief, where the moments fall off 
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asa result. of t the distortion of the member itself or the rotation of the joint, it 
_ is conceivable to have computed stresses with the range of 25% above the al- 
a. a lowable - 25,000 psi for the steel, Under the circumstances, these sresses 
_ can be reasonably accepted if they do not affect the buckling stability. re 
‘The buckling of the structure as a whole as a space structure and then ana- 
lyzing it as one with individual members offers some mathematical difficulty. 
: _ Concrete shell structures have been } analyzed for buckling. The three- dimen- + 


a whole does not generate the same structural stability that exists in a homo- 

geneous monolith such as a concrete shellor folded plate. The integrated parts | 
must be ‘considered individually. To this end, serious consideration must be 
4 given to the ratio of the end moments of each member, its torsional eat 


_ Where the roof deck can supply lateral stability, the structure assumes the 
rigidity of a a concrete plate. It would, therefore, appear consistent to consider 
_ this fact and analyze the structure accordingly. Yet with the structural ele- | 
ments providing concentrated strengths at localized points, one cannot neglect — 
the independent buckling phenomena as applied to an I-beam thrust and unequal Ms 
end moments, To this end, the investigation was purely academic and more _ 
serious consideration was given to the stability offered by the decking, = 
— The determination of the deflections and distortions (Step 5) for : 2 folded | 
plate is not a simple problem if all the contributing stresses that either add to . 
or detract fromthe final values areto be considered, The method recommended . 
is the simple energy method for trusses. Deflection due to shear, moment, and 
torsion were neglected, © In the cantilever ends of the folds, it was found that 
the spread at the cantilever end could be serious if the end wing was not pro- 
vided for. In the analysis, the end wings developed two important and neces-__ 
sary conditions in addition t to the architect’s s aesthetic sisanmmunitind _ . 


The buckling phenomena | in a steel frame consisting of parts ir integrated to =a 


ag . Lateral st stiffness to minimize the spread at the ca cantilever ends, 
2. End moments in the diagonal members | of the the first /Sloping t truss. ; 


After the ‘complete was made, it was found that there was a slight 
@ variation in the member sizes chosen from the stress conditions as a result 


of the investigation under Steps 3, 


a This design confirms Baer’s contention that a steel- framed folded plate 7 
roof is subject to a conventional analysis. The design also shows that struc- 

- tural steel canbe adapted to the folded- plate concept with reasonable economy | 

_ as an aesthetic architectural element beyond its structural function at 
ee - Thanks are offered to William Riseman & Associates, 
Architects, Boston, Mass. and Groisser & Schlager, Steel and 


Erectors, Boston, ‘Mass., (who ‘supplied Fig. 14(a)). 
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iscussion by Thomas R. Kuesel 


e literature of suspension bridges" 


papers useful to the analyst trying to determine stresses and 
_ deformations of a structure physical dimensions and properties of which are 
: _ known or assumed, There are few papersthat offer much help to the designer 
trying to establish these dimensions and properties, or trying to compare and 
evaluate alternate possibilities in various preliminary designs. - Among the 
contributors to this select group have been Shortridge Hardesty and Harold A, 
‘Wessman,14 H, A. Miklofsky, F. ASCE,15 K, K, Chu,16 and I. K. Silverman, M. 
_ ASCE,17, Frank Baron, F. ASCE, and Anthony G. Arioto, A. M. ASCE, - 4 
made a notable addition intheir comparative studies of the behavior of a 
bridge towers subject to torsion, 
‘The authors have confined their presentation generally to the torsional ie, 
havior of the tower by itself, The writer would like to extend the « "iiecussion 


to the implications given in this paper as to the effects of the towers on the 


torsional behavior of the bridge asa whole. 


‘Tt has been well established that the towers: offer little resistance to sym- 
metrical longitudinal motions of the cables, or to vertical deflections and _ 
4 stresses resulting from such motions. In fact, it is customary to neglect the — 
longitudinal tower stiffness entirely in the analysis of cables and trusses for ‘ 


vertical loads. Chu demonstrated16 that the error involved in this approxi-_ 


mation for the Mackinac Straits Bridge is , approximately 0.8%. (ent pon 
In a tower without struts (Case D), subject to torsion resulting from un- 
_ symmetrical cable pulls, each column 1 would be free to deflect longitudinally, — 
heen of the other column, In such a case, the tower columns would of- 
a the same (negligible) resistance to torsion that they offer to symmetrical 
cable pulls. . The addition of a ‘single strut at the top of the tower (Case C) © 
 — mnes the columns to restrain each other. The amount of restraint depends 


on the transverse stiffness of the strut and the torsional stiffness of the col- 


a ae 1961, "' Frank Baron and Anthony G. Arioto (Proc. Paper 2879). | 

13 Assoc., Parsons, Brinckerhoff, Quade, and Douglas, New York, N.Y. 

14 “Preliminary Design of Suspension Bridges,” by Shortridge Hardesty : and acer 
A. Wessman, Transactions, ASCE, Vol. 104,1939,p.579, 

15 “Bending Interaction in Suspension Bridges,” by H. A. Miklofsky, Proc. Sep. No. 
«16 The Design ‘of the Main Towers of the Mackinac Br Bridge, ” by K. H. Chu, Proc Proc. — 
No. 1565, ASCE, Vol. 84, No. ST 2, March, 1958. 

‘ “The Lateral Rigidity of Suspension Bridges,’ wt. &. Sivermen, Proc. Paper 
1292, ASCE, Vol. 83, No. July, 1957, 
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For the actual included in their investigation, the authors that 
the addition of a single top strut increased the torsional stiffness of the tower 7 
q from 3, 5 to 22.5 times, , compared to the stiffness of the unstrutted columns — 
_ (Table 6, Cases C and D). ‘For their hypothetical towers, Baron and Arioto 
- found the increase to range up to 100 times (Group F). The greatest increase 
is for tall, narrow towers (long, narrow spans), and the smallest fo for short, 
ae Evidently, an increase of 4 times ina negligible | resistance willnot make it | 
a major resistance, However, an increase of 20or 100times may be important, — 
This is significant when one « considers that a decrease in in relative width of of span 
drastically decreases the torsional stiffness of the suspended structure, result- 
ing in greater torsional loads on the cables and towers. In a narrow span, welll 
7 _towers may furnish, and may have to furnish, } a a substantial part of of the resist- 
Considering each independent column of an unstrutted tower as a vertical 
-* - cantilever, it is evident that a restraint to horizontal deflection of the tower 
a top will be much more effective i if applied at the end of the cantilever than if 
i it is applied somewhere downthe column, Thus it should not be surprising (in 
the clear reflection of hindsight) that the authors found that adding intermediate a 
Bs s:a0q had little additional effect on the torsional stiffness ss of t the tower (the ‘ 
effect on lateral stiffness is, of course, ,substantial), 
The writer ‘is not entirely in agreement with the authors’ statement that 
“Table 8 shows . ...the influence of the vertical saddle reactions on the tor- 
sonal behavior of the actual towers is practically negligible.” Table 8 is based 7 


\- As = 0, + Pe, whereas the actual PpL for the First Tacoma Bridge is given 


* inthe > sametable as 0.964 Pe. (It is not stated whether this includes the tower 


weight, which may be appreciable.) It would be instructive to have Table 8 
amplified to show relative values for P 8 Pe and 1.0 Pe. | 
. - Forthe case of PDL = = Pe, the tower columns have no longitudinal flexural 
stiffness. At this point, the towers begin to lean on the cables for support, in- 
stead of the other way around, For this same case, the unstrutted tower (Case 
7 has no torsional stiffness. The strutted tower derives all of its torsional 
_ stiffness from bending the struts and twisting the tower columns. __ fee 
the ratio Ppy,/Pe decreases, the flexural stiffness of the columns 
7 creases, and begins to contribute tothetorsional stiffness of the strutted tower 
as a whole, For tall, narrow towers the relative increase will be small; for 
short, wide towers it may be substantial 
_ Torsional forces onthe towers mi may ‘originate, a as stated by the authors, from 
unsymmetrical live loading or from torsional aerodynamic oscillations, The 
the load torsion is usually not of great concern for highway bridges, though 


the matter is certainly of interest for railway bridges, and perhaps for bridges’ 


carrying urban transit loadings,as evidenced by experiences with New — 7 


Manhattan Bridge, 
_ The aerodynamic torsional oscillations, however, may be of primary a "_ 
est. The writer believes that a! all of the severe aerodynamic oscillations ob- a: 


; served in truss- stiffened suspension bridges have been either purely torsional, 
or a coupled form combining torsional and vertical oscillations, Pure vertical 


oscillations have reached alarming proportions in some girder stiffened bridges, a ; 


but oe have oe not been large enough in 1 truss- -stiffened spans to cause 
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"span and the cables’ 180° ‘out of phase, requires an alternate lengthening : and 
shortening of the main span length between tower tops, which is resisted 7 
- the torsional rigidity of the tower (as well as by the cables and trusses), _ 

It is sometimes stated that the towers offer no resistance to torsional os 

cillation in thefirst asymmetric mode, with one node at the center of the main | 

span, because such oscillations can occur without change in the span length 7 

between towers. However, this mode requires a longitudinal oscillation of the — 

center node point, in order to pee mit a sagin onehalf of the cable with acorre-_ 


in France, If this remedy is adopted, each half of the cable will tend to aa. 
Fran between the tower top and the fixed center point, and the towers will be 
- called on to furnish torsional resistance to this mode of oscillation as well. 
an Higher torsional modes, with two or more nodes inthe main span, are usu- 
ally not of great concern, because their higher frequencies are less likely to 
_ be excited bythe natural wind, and their amplitudes are generallysmaller than 
those associated with the lower modes, 


statement by the authors ina previous paper® bears repetition: 


a “The damage that can occur ina tower due to torsional oscillation of _ 

abridge is strikingly illustrated by the towers of the first Tacoma Nar- is 
rows Bridge. Concerning these towers, each Board reporting on Gamage “a 
to the bridge stressed the great damage that was done to the cells, an- > 
_chorages, splices, and top struts of thetowers as a result of the torsional ; 
oscillations and the subsequent failure of the bridge. _ It is reported that 


the towers © were near heii when the roadway peeled off the suspend- — - 


The ‘first Tacoma Narrows had no . torsional stiffness in its sus- 


ome structure. Thus, all torsional a were carried by the cables, that 


: flexible, In addition, the dead load ¢ on n the tower 1 was almost equal to the nae 
- buckling load, thus destroying whatever flexural stiffness the columns might | 
have had. The combination of maximum torsional forces and motions with 
minimum torsional strength and stiffness was too much for this bridge, (It 
may be appropriate to observe that it is frequently easier to see 20 —_ i 
‘This does not, however, indicate much torsional stiffness was 
tor the Tacoma Bridge (or for any other bridge), nor the best way to provide | 
“4 The first question depends in large degree on how skillful the designer is 
n minimizing the torsional forces to which the bridge is subjected. For live 


effects, some control can be exercised in bridges carrying mixed traffic 
: by arranging the cross section to concentrate the heaviest live loads near the | 
center of bridge. For effects, the skill of the 


18 “Mackinac for Aerodynamic Stability,” by D.B. Stein- 


4 
i is to attach the cables at mid-span to the trusses, or preferably, to a rigid - . 
i | 
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1961 


ag vertical stiffness of a suspension bridge depends primarily on mn: in-— 
_ teraction of two elements—cable and truss. The torsional stiffness onal 
a : interacting e elements— -cable, truss, and tower. 


as s a whole, | ‘Suche cases require more careful _The authors’ 


: = 19 “The eealtnelion of Models of the New Tacoma Narrows Bridge Under the Action  * ; 

of Wind,” by F. B. Farquhargon, Bulletin No. 116, Univ. of Washington Engrg. Experi- _ 7 

“ Aerodynamic Stability of Suspension Bridges,” Progress of the 


son, F, ASCE, and George incent«¥ mer 1U careful attention; nonetheless, — 
4 
|  ji.§some cases, it will be hopeless to attempt to modify the torsional stiffness of § 
bridge as a wholethrough changes in tower proportions. In such cases, the 
towers should preferably be designed to be torsionally flexible, to limit the 
= participation stresses to which they will be subjected. Inothercases,thetower _ 
may be assessed in preliminary design. 
| 
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MARIO G. F, ASCE. - _The author has clearly presented an- 
: . other ingenious method for the evaluation of bending stresses in rectangular 
lates. 


The use of a physical model allows a good understanding of. plate behav- 


a 2. The approximations obtainable by the procedure seems to be oe for 
The procedure can easily be to a to a variety o of boundary yeonditions 


On the other hand i in comparison with the standard application of finite 


ferences the procedure presents the followin disadvanta es: po 


1, The number of equations to be solved is ‘equal to that used in the e finite 


tially more work, It would seem easier to apply a finite difference operator 

mechanically than to set jet up th the equations as the author does. 
2. Although the convergence of the procedure seems to be greater than that 
of the finite onion method i adh is slow enough to require the use of h2 - 


elementary are not available the author’ s procedure f 
_may present definite merits. Wherever computers are available a eatin : 


ward application of finite differences would be easier and faster. ao ee 


August 1961, by Mounir Badir (Proc. Paper 2908). 
_ 14 prof., Civ. Engrg. Dey Dept., » Columbia Univ., New York 17, N. Y a : 
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by Phillip L. Gould and Morris 


a a beam- column represents a logical approach to the problem that may be © 

easily understood. The writer believes that solutions which consider theactual _ 

-load- deformational response of a member are preferable to and longer lived 

than so-called “curve fitting” formulas that have little physical meaning. Of 
- course, the practicing designer does not always have time to make these com- 

_ putations; however, curves, such as those presented, together with an explana- 

tion of how they are obtained, give the designer a reliable methodof determin- 

_ ing the the ‘Strength of of a beam- ae, © ¥ Consideration must also be given to the 


= 
“44 possible changes in the ratio (“eccentricity” in going from design 


loading to ultimate capacity. 
me. It should be noted that the method considered in the ultimate capacity so- 


of Newmark’s numerical procedure. 16 

_ For both the elastic and ultimate analyses by the load- dutormatiount re- 

sponse method, a good estimate of the deflection values at any point along the | 

member will reducethe number of trials required to establish the correct con-— 

figuration. Timoshenko has shown18 that the relationship wa 


axial load, Yo is the deflection due to lateral load only, Yr is is the 


+ and 


August 1961, by Robert L. Ketter (Proc. Paper 2910), 
7 % 17 Structural Engr., Skidmore, Owings & Merrill, Chicago, Ill mec 
18 of Elastic by S. Timoshenko, McGraw-Hill Book Inc., New 


_ FURTHER STUDIES OF THE STRENGTH OF BEAM-COLUMNS4 
— 
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| 
also may be applied to determine the total stress in the elastic range 
| hola in th 1 tice range jin which V aro the ditional deflectinne due to 
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December, 1961, 


aye 
“The 2 assumed total deflection will then be Yp = Y, + Yj. 
mark’s procedure, the value of is estimated at each point and 
for the first cycle. The results | of the first cycle are used as the input to the — 

‘second cycle, The value of Yj and YT obtained by this method will probably | 
be somewhat inaccurate in the inelastic range but will serve as a first esti- 
mate until a number of solutions have been made and a more accurate esti- 
mating procedure may be developed. 19 19° 


MORRIS OJA LV0.20—Reterence will be made hereinto the column- deflect ion 


ports and if. the reactive forces. and menennt: at the supports a: are replaced by 
_ the equivalent thrust (Fig. 19). The M - -P- 


Deflection Curve 


sheai’, and axial load at either end of the 
uniquely determines the shape of the beam-column’s column deflection gl 
Subsequently, Ketter’s criteria for unwinding will be examined to determine — 
whether it adequately predicts with stable 


beam- columns. 
__--:19 Discussion by P. L. Gould ee Criteria for Reinforced Columns Under Axial — 7 


Load and Biaxial Bending,” by Boris Bressler, ACI, ‘Vol. 32, No. 5, “November, 
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_ For the present (a proof follows), ‘the assumption is s made that the length — 


; of a stable beam column must be smaller than the half wave length of its col- 


 lumndeflection curve for all values of inthe interval - 1. <Bs 1, the 

ceding statement is true, then the length of a stable beam-column can only 
_ exceed the half wave length of its column deflection curve when 8 = - 1. ‘But. 
B can only | be exactly equal to -1 in an ideal case, and it follows that no real 

stable beam column can be | longer than the half wave length of its column- _ 


deflection curve, — Because the criteria for unwinding that is proposed makes 


21, RATIOS S OF (E 


section contains a proof of the preceding statement 
mum possible length for a stable beam-column in which £ is different than — 
-1, Consider the three cases of beam- columns and column- ‘deflection curves " 


basic assumptions (with: which the writer is in complete made 


by Ketter inhis computations are that the slopes of the beam- me are every- 


« @ 
=. 4 
i 
<i 
(te. 
against a length of beam-column larger than its half _ 


where and that the shear is smallin comparison n with P, implied 
- because the axial load for the moment- thrust- curvature relation is taken as a 
i equal to Pat all sections of the beam column. It follows from the approxima-_ z= 
tion that y, as shown in Fig. 19, must also be small and L cos y may be taken — 
as equal to L. Because | Mo| > | it is obvious that only the beam- 
- column of Fig. 20(c) is longer thanthe half wave length of its column-deflection 
curve. It is also obvious that for this case the beam column deflections are . 
; _ predominantly in the direction of the smaller applied end moment. This equi- 4 
librium shape of the beam column cannot be achieved by gradually increasing 
end moments. It can only be achieved by forcingthe column intothat configura- 
_ tion and then removing the restraints. It is for this reasonthat the configura-_ 
tion of Fig. 20(c) may not be group of stable equilibrium 
Ketter’ s criteria seek to ion when a bifurcation of an equilibrium 
o— is possible. More complete criteria should also ask whether it 
is reasonable to expect the beam column to shape 
- It is interesting to ‘compare ‘Mr. ‘Ketter’ s criteria . with other criteria that 
_ may arisefromthe same line of thinking and with a third group of criteria that - 
are equivalent to those that have been adopted by the writer.21 Fig, 21(a) 
- shows the variation of (E 1) FF adopted in Fig. 18. Fig, 21(b) would be the = 
(E I)prr that might be adopted, using the same reasoning together with the 
q _Engesser tangent modulus concept of inelastic buckling. The use of the (EI) JEFF 7 
‘variation of Fig, 21(c) inthe computations of Fig. 18 results in cea ntl 
alent to those obtained21 by the writer. 
The values of (E I)EFF/(E shown in Fig. 21(c) were as follows: 


Fig. 17. axed LandZ 


ats station x = 3/(8 L) in Fig. 17 . Other — in Fig. 21(c) are determined | 
from Fig. 17 according to the pattern indicated previously, Sei — 
The criteria that are adopted for unwinding will affect the results. The 
L/r = 


21 Discussion by Morris Ojalvo of “The Plastic Method of Structures,” 
by John G. Baker, Proceedings, . ASCE, Vol. 85, No, ST9, November, 1959. oe ian 
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